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PREFACEI

This report presents the results of studies conducted

by the Civil Engineering Department, Louisiana State

University, to support the development of the Buried Mine

Minehunting System (BURMMS). The research was conducted ir,

cooperation with the Naval Coastal Systems Center, the

U. S. Naval Oceanographic Office and the Naval Ocean

Research and Development Activity. Funding for this Study

was provided by the Office of Naval Rese-arch under Contract

No. N00014-80-C-08346 and their support is gratefully

acknowledged.
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INTRODUCTION

This report presents the results of research to

lupport the development of the Buried Mine Minehunting

System (BURMMS). This work was conducted in cooperation

with the Naval Coastal Systems Center (NCSC), the U. S.

Naval Oceanographic Office (NAVOCEANO) and the Naval Ocean

Research and Development Activity (NORDA). The objective

of the group effort was to conduct a variety of RDT&E

activities associated with the environmental factors

affecting the performance of PURMMS and the development of

a tactical environmental subsystem for BURMMS. An overview

of the group effort is presented in (1).

The kind of bottom sediment existing at a coastal sitE

greatly influences the types and magnitudes of the coastal

processes occurring at the site. The behavior of several

Naval Inshore Warfare systems are also greatly affecfed byj

the nature of b~ittom sediments. At the present time bottom

sediment surveys are conducted in coastal waters worldwide

to define the type and distribution of bottom sediments in

stategic areas. But bottom sediments are difficult and

costly to sample. Natural processes can cause a change in

* the amount and type of sediment at a specific site in a few

days time making and thereby make previous survey data

I

!7L- - -



inaccurate. The overall ojective of this research was to

develope techniques for rapidly and accurately determining

the in-situ properties of coastal bottom sediments.

The specific objectives of the LSU study were to

conduct basic and applied research in support of the

development of the environmental subsystem. The sFecific

objectives were: 1) Review burial mechanisms and identify

the relevant environmental variables; 2) Review existing

technology for acquiring the environmental date needed to

support BURMMS; 3) Characterize the harbor and shelf

environments of operation of PURMMS; 4) Determine the

sensitivity of impact burial to bottom sediment shear

strength profiles; 5) Conduct tests of a dynamic

penetrometer to evaluate the capability of this technology

to support BURMMS; 6) Determine the dynamic properties of

shelf sediments at a BURMMS test site.

2
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BURIAL MECHANISMS

The environmental iequirerv-nt: for BURMMS are

primarily determined bw the types of burial mechanisms

possible in inshore waters. These mechanisms determine the

location, rate and depth of burial; which are important

considerations to the effective use of BURMMS. The burial

mechanisms also determine the extent and type of

environmental *scar" associated with the burial event;

which may be important in the detection and classification

of buried objects. For these reasons, the types of burial

mechanisms expected in inshore waters and their associated

environmental variables were considered initially.

Four types of burial mechanisms were identified:

impact, scour, bed form migration and liquifaction

These four types are illustrated in Figure 1. The

definition of burial being used here is that the object

eventually has at least 25 to 50 % of its volume below the

water/sediment interface. This definition is different

from an operational definition of burial which may be based

upon the ability of minehunting systems to locate and

classify proud objects. The environmental variables

associated with each type of burial are listed in Table 1.

The Table indicates whether each variable is of primary or

secondary importance to predicting the rate or extent of a

3



particular burial mechanism.

The sediment variables which are of primarW importance

are shear strength, grain size, bull density and the

presence of bedforms. The water column variables which are

o primary importance are water depth and current.

4
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TECHNOLOGY REVIEW

Once the environmental variables needed to predict

burial were identified, a review was conducted of the

existing technology which may be capable of measuring these

variables. The technology review was conducted with the

other participants in the BURMMS effort. The technology

review summary was prepared by Dynatrend Inc., 21 Cabot

Road, Woburn, Massachusetts and is available from the

BURMMS library.

The sediment variables which need to be determined at

a site for BURMMS are shear strength, grain size , bulk

density and the presence of bedforms. A variety of existing

instruments were found which could provide this

information. Howeer, the instruments which offered the

best capability for acquiring the environmental data

needed for BURMMS and which were compatible with field use

were acoustic devices (side scan sonar and sub-bottom

sonars) and instrumented penetrometers. The acoustic

devices provide remote sensing data over large geographic

areas and through the sediment column, while the

penetrometers provide seabed truth from direct contact

measurements.

There is a long history of studies of bottom sediment

5a



properties and their distribution in coastal waters using

bottom sediment samples, such as cores, grab samplers and

dredges (2), however studies of the remote determination of

sediment properties is relatively new. A review of the

relationship between acoustic and geotechnical properties

of marine sediments indicates several definite correlations

exist (3). This review suggests that a quantitative

analysis of acoustic signals can provide quantitative

measurements of bottom sediment properties. At the presert

time the link between acoustic properties and geotechnical

properties is qualitative. There is also a relationship

between sediment properties and resistance to penetration

which has been e.,tensively studied on land (4, 5 and 6).

However, the use of instrumented penetroeters in the

marine environment is relatively new and is still

developing (7 and 8).

Measurements of the backscatter of acoustic energy

from the bottom as a function of grazing angle have been

made at two deep ocean locations (9). One site was on the

Blake Plateau where the bottom was covered with ripples

having a height of 5 cm and a length of about 30 cm.

Backscattering strength varied from -10 db at 80 deg to -20

db at 70 deg and finally reaching -30 db at about 45 deg.

Th acoustic frequency was 1.78 kHz and the pulse lengths

used were 30 and 60 msec. The 60 msec pulse length showed

6
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greater backscatter strength at the same grazing angle.

The second site was on the Challenger Bank where the sea

bed was generally featureless being covered with silt and

claw with an occasional outcrop of rock. The frequencw

used was 2.5 kHz and the pulse length was varied from 10 to

300 msec. The backscatter strength decreased to -10 db at

70 deg, -20 db at 45 deg, increased to -17 db at 30 deg and

decreased to -25 db at 5 deg. These studies indicate that

a 10 db change in bottom backscatter energy can occur at

the same grazing angle for different bottom sediments.

Backscatter of acoustic signals at 90 deg from

different types of bottom sediments have shown a

qualitative relationship with bottom sediment type (10 and

11). The effect of beam width on bottom and sub-bottom

response has been studied (12). It was shown that bottom

sediments which appeared to be well layered in conventional

wide beam (30 deg ) surveys were actually quite variable

horizontally when surveyed with a narrow beam (3 deg)

sonar.

The use of penetrometers to determine the properties

of marine sediments is fairly new, however they are

routinely used on land. Field tests of instrumented

* dynamic penetrometers have been made using an on-board

accelerometer to measure the total force (7 and 8). These

7I
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tetsinictethat the reitneto penetrationvaries

linearly with depth in many sediments. The rate of

shear strength.



HARBOR AND SHELF ENVIRONMENT

A major consideration in the design of BURMMS is the

environment that the system will operate within (14). The

environment of operation will not only provide a threat to

the effectiveness of the system, but will also provide

opportunities to be exploited to increase its

effectiveness. Thus the range, resolution and depth

penetration of BURMMS at a site may be quite different from

nominal because of local conditions.

Because of the potential importance to BURMMS of the

harbor and shelf environments that the system will be

operated within, a brief review was conducted to define the

characteristics of a typical operational site. The major

aspect of the site considered was type and spatial

distribution of bottom sediments. Additional aspects

considered included magnetic anomalies, coastal current

regime, water column properties and acoustic properties

of the water column and sediments.

Survey data were obtained from a commercial company

for the area in and offshore of the harbor of Freeport,

Texas. The area contained several tens of magnetic

anomalies ranging in strength from a few to over 100

gammas. Sediment types varied over spatial scales of 100 ft

9
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both offshore and in the harbor approaches. The data

indicate that survews should be conducted to provide

complete coverage of the area of interest at a resolution

of a few feet.

10



IMPACT BURIAL SENSITIVITY

One of the important burial mechanisms considered in

this study was impact burial. This mechanism occurs

primarily in soft bottom sediments consisting of muds or

silts and results in immediate burial of the mine. A

computer model for predicting impact burial of cylinders

was developed by the Environmental Sciences Division of

the.Naval Coastal Systems Center (15) and this model was

used to determine the sensitivity of the depth of burial

to the shear strength profile in the bottom sediments.

The sensitivity tests consisted of using the model to

predict the depth of penetration of a mine-like cylinder

into sediments whose shear strength profiles varied

linearly with depth below the water/sediment interface.

The burial predictions were made for a given shear strength

profile for several (usually 5) fall attitudes of the

cylinder. The depth of the penetration of the cylinder at

its deepest point was recorded. A total of 22 test

predictions were run.

The tests were run with the following conditions being

held constant:

Water depth = 50 ft

Fall velocity =20 ft/s

OI
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Sediment densitW = 3 slugs/cu ft

The cylinder for all tests had the following properties:

Air weight = 2000 lb

Wet weight = 900 lb

Length = 6.5 ft

Diameter = 2.0 ft

Surface area = 40.84 ft*ft

Volume = 17.14 ft*ft*ft

The cylinder had the shape of a right cylinder.

A schematic diagram of the test result, showing the

depth of penetration, Z9 , the attitude angle , A , and the

vertical length , VL , is given in Figure 2. The vertical

length of the cylinder is computed from

VL = L*COS(A) + D*SIN(A)

where L is the cylinder length and D is the cylinder

diameter.

The sediment shear strength profiles used in the test

are shown in Figure 3. The shear strength was a constant

over depth intervals of .5 ft and increased with depth in a

linear manner, i. e.,

Shear Strength = Constant*Depth

where the constants had the values of 4, 6, 10, 20 and 30

psf/ft.

The results of the tests are given in Table 2. The

12



Table gives the test number, the shear strength constant

(C), the fall attitude angle (A), the predicted depth of

penetration (Z9), and the ratio of the depth of penetration

to the vertical length for that fall attitude (Z9/Vl).

The tests showed that for all fall attitudes for the

weakest shear strength profile (constant = 4 psf/ft) the

cWlinder was buried, that is, Z9/VL > .5 . For the

strongest profile (constant = 30 psf/ft) the cylinder was

buried only slightly, Z9/VL < .25 , for all fall angles

except for A=90 deg. For this fall angle the burial ratio

Z9/VL = .56 . For the other shear strength profiles the

cylinder burial varied with fall angle so that the ratio

Z9/VL varied as given in Table 2.

The tests indicated that the deepest penetration

(greatest Z9/VL ratio) occurs at a fall angle of 90 deg and

that the depth of burial is roughly 2.5 times the burial at

lower fall angles. The shear strength profile which seems

to separate burial from non-burial for the test cylinder is

one that increases with depth at a rate of about 20 to 30

psf/ft.

13
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CLASSIFICATION OF SEDIMENTS USING A PENETROMETER

The Primary objective of the phase of the study was to

investigate the possibility of using a dynamic penetrometer

to classify ocean bottom sediments. A secondary objective

was to estimate the shear strength of the sediment from the

penetrometer results.

Dimensional analysis was used to develope

dimensionless parameters relating the mass M , diameter D

and impact velocity V of the penetrometer to the depth of

penetration h and shear strength S of the sediment. The

equation of motion for the penetrometer, considering the

force of gravity and a sediment resistence which varied

linearly with depth, was solved. The solution of the

equation gives the position, velocity and acceleration of

the penetromreter during the penetration event. The total

depth of penetration is given by

2

h = V *M/NP*D*S

The total depth of penetration was measured in a variety

of sediments using a non-instrumented penetrometer.

Penetrometers were used having diameters of 1.60, 2.54 and

5.10 cm. Attachable weights up to 23 kg were used to

14
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achieve different mass to diameter ratios. Impact

velocities were varied between 2 and 8 m/s. The

penetrometer tip shapes used were a blunt end and a cone

having a 60 deg apex angle. The sediment types tested

included a clay, a clayey sand and sand. Additional

penetration data were takeT, from published sources for

strong clays.

Classification of sediments was achieved by utilizing

the dimensionless ratios hID, V*V'gh and S*D*D/Mg and the

dimensional ratio hD/mg. Graphs of V*V/gh versus log hD/Mg

provided a clear distinction between saturated sand and

clay up to a shear strength of ah - 25 kPa. The

classification of sediment is based upon the value of the

ratio

V M/h D

Estimates of the shear strength of the sediments were

based upon using a graph of h/D versus V*V/gh for various

sediments. By normalising the mass of the penetrometer and

plotting V*V/gh versus log hD/Mg, the shear strength of

>1clay was estimrted. The results compared within about 20/,

-with direct measurements os sediment shear strength.

A complete description of the study is presented in

15
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DYNAMIC PROPERTIES OF MARINE SEDIMENTS

Sediment samples from a single boring near Pass A

Loutre of the Mississippi River at a water depth of 33 ft

were tested in a resonant column apparatus for their

dynamic properties. The total length of the boring was 338

ft. The sediments were selected as typical of those for

which impact burial would be very likely. Index properties

of the samples were determined and indicated they had high.

water contents of 60 to 60 % and shear strengths that

ranged from less than 100 psf at the top of the core to

over 2000 psf at the bottom of the core.

The shear modulus of each sediment sample was also

determined. The shear modulus is the geotechnical

parameterwhich is most directly involved with the

penetration process. The value of the shear modulI~s was

measured ai. several shear strain amplitudes (ranging from

.0001 to 1 %). The maximum shear modulus was computed by

fitting a hyperbolic curve to the experimental values of

the shear modulus. Using the shear modulus data, c clic

shear stress versus shear strain were also correlated. The

non-linear stress-strain curves were represented as

bilinear curves following Von-Mises yield criterion.

Experimental curves of damping with shear strain amplitude

were used to estimate the minimum damping ratio and damping

I,7
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character ist ics.

The maximum shear modulus was related to the shear

strength of each sample. The ratio of the shear modulus to

the shear strength varied between 140 at the top of the

core to 470 at the bottom. The average of the ratio

through the top 200 ft of core was about 250.

A detailed description of this phase of the stUdy can

be found in Appendix B.

18
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RECOMMENDATIONS

As a result of this study several additional research

tasks were identified as needed to develop an environmental

subsystem for BURMMS. These recommended additional studies

are as follows.

1). Continue development of the acoustic remote

sensing systems of side scan sonar and

sub-bottom sonar incorporating parametric

acoustics and digital processing of output

data. The objectives of acoustic surveys

should emphasize quantitative rather than

qualitative results.

2). A dynamic penetrometer to serve as a ground

truth instrument should be built and tested

in a variety of bottom sediment types.

3). Additional research should be performed

concerning the relationship between acoustic

and geotechnical properties of coastal

sediments, particularly the in-situ

relations.

4). The penebratiop gf objects into 'oastal

Ic



sediments should be investigated using

instrumented penetrometers and improved

numerical models.

20
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Table 2. Penetration Sensitivity Test Runs.

Test Strength Profile Angle A Z9 Z9/VL

1 30 0 1.43 ft .22

2 30 22.5 1.03 .15

3 30 45 .97 .16

4 30 67.5 1.09 .25

5 30 90 1. 12 .56

6 4 a 6.04 .93

7 4 22.5 5.57 .83

8 4 45 4.51 .75

9 4 67.5 3.31 .76

10 4 90 3.31 1.66

11 10 0 1.93 .30

12 10 45 1.64 .27

13 10 67.5 1.35 .31

14 10 90 1.36 .68

15 6 0 2.20 .34

16 6 45 2.06 .34

17 6 90 1.88 .94

18 20 0 2.56 .39

19 20 22.5 1.54 .23

20 20 45 1.43 .24

21 20 67.5 1.29 .30

22 20 90 1.33 _ .66
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ABSTRACT

The primary objective of this study was to investigate the

possibility of using a dynamic cone penetrometer to classify ocean

I bottom sediments. As a secondary objective the penetration results were

used to estimate the shear strength of the soil.

Dimensional analysis was used as a tool to combine the affect of

mass, diameter, and the impact velocity of the penetrometer together

with the total depth of penetration and the shear strength of the soil

[into dimensionless ratios. The equation of motion was also solved by

considering the forces involved in dynamic penetration. The solution of

1 the equation of motion was expressed in three dimensionless ratios.

The total depth of penetration was obtained in a variety of soils

by non-instrumeted penetrometers. The 1.60, 2.54 and 5.10 cm diameter

L penetrometers used in this study were fabricated of stainless steel.

Attachable weights up to 23 kg were used for different mass to diameter

ratios. The range of velocities tested were 2 m/s to 8 m/s. The tips

used were the 60* apex angle and the 180. The targets were laboratory

prepared clay of 5 kPa shear strength and saturated sand in two field

{sites at Florida and Mississippi. Penetration data into higher strength

clay of up to 52 kPa by other investigators were also utilized in this

; .. analysis.

Classification of soils was achieved by utilizing the dimensionless

ratios h/D, V2/gh and SD 21Mg and the dimensional ratio bD/Mg. Plot of
0

V 20/gh versus log hD/Mg provided a clear distinction between saturated

sand and clay of shear strength up to about 25 kPa.

ILI.ti
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By plotting h/D versus V /gb in torus of the third dimensionless

ration SD 2/Mg, the shear strength of clay as high as 52 ka was

I estimated. By normalizing the mass of the penetrometer and plotting

1 V2Igb versus log hD/Mg the shear strengh of clay was directly estimated

from the plot.
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Chapter 1

INTRODUCTION

Experience shows that as offshore work moves into deeper water,

conventional methods of determining In-situ soil type and strength are

becoming more difficult, time consuming, less reliable and less

efficient.

Soil strengths are presently measured by boring, sampling and

testing of undistrubed samples. This process of boring, sampling andL
testing has several inherent deficiencies such as high cost and

undesirable effects of mechanical sample disturbance especially if gases

are present in the soil.

The most sensitive, delicate and very easily disturbed layer in the

ocean bottom sediments in which boring, sampling and testing is very

difficult is the few top meters. Due to the fact that these soils are

1commonly under-consolidated as shown in Figure 1.1, the shear strength
of the soil is very low and consequently very difficult to measure. For

this reason the shear strength of the top meter is grossly estimated.

Figure 1.2 shows the profile of shear strength in the ocean bottom

sediments. Generally these soils have strengths less than 0.05 
kg/cm 2

1 (100 psf) down to a depth of 50 meters (20). It is in these soils that

pipelines are embedded and the estimated shear strength are relied upon.

L It is therefore generally agreed among practitioners and

[ researchers that there is a clear need to develop new and improved

In-situ methods for determining soil types, strength and other necessary

soil properties.

- -- --- x-
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In this research focus was directed tovard dynamic penetrometers.

Dynamic penetroueters are penetrators that have velocities which vary

and are usually greater than a hundred centimeters per second with

Iinertial effects that must be considered. Field and laboratory

penetration data on sand and clay were obtained by using a variety of

impact velocities ranging from 2 m/s to 8 m/s with different weight to

Iarea ratios. These data were then analyzed with the aid of dimensional

analysis and theoretical consideration in order to classify che type of

Iocean bottom sediments.
Historically, the impact phenomena of projectiles have been man's

1concern mostly in the field of armor penetration and passive protection
against bombing (21). The major objective has been to find the penetra-

tion depths of given projectiles under given conditions. Recovering the

space vehicles by soft landing on either lunar or earth surface has

brought considerable attention to the projectile penetration (27). Also

the disposal of nuclear power supplies re-entering the earth's atmos-

Iphere from orbit have concerned with the projectile penetration (26).
Although some penetration equations have been published, the state

{ of the art of projectile penetration into soils is still in its infancy

(32).

it

-1[
I
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I Chapter 2

f LITERATURE REVIEW

There have been many dynamic penetrator experiments, but only few

with soil data are available (17.32). Several models and theoretical

[relationships have been derived for the analysis and solution to the

projectile penetration (6,7,10,18,22,27,32), but none have been able to

present a solution to satisfactorily fulfill the objective of dynamic

[ penetration.

The objective of the dynamic penetration is to find the soil's

I properties (strength, type, etc.) provided certain variables of the

projectile are known. These variables are projectile weight, diameter,

impact velocity and depth of penetration. To this day many researchers

and investigators have failed to satisfy this objective. Because of the

complexity of the nature of penetration, much emphasis has been placed

Ion the use of empirical equations in predicting penetration which has

been the earlier objective of researchers. Those formulas expres% the

maximum penetration in terms of projectile weight, diameter and impact

velocity. The starting point of these investigations has been Newton's

second law of motion in which the total force on the projectile was

assumed in some functional form.

The instrumentation for measuring the forces (decelerations) on the

penetrating unit are well developed (28,32). Accelerometer

instrumentation enables the use of the projectile as a tool for

estimation of the velocity profile vith depth and maximum depth of

I penetration. Other instruments such as load cells for measuring the

I
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total force, dynamic cone pressure, and dynamic local side friction

(sleeve friction) have also been used. Figure 2.1 shows such an

instrumented marine penetrometer.

2.1 EFFECT OF VELOCITY

IWang (27) performed penetration experiments on loose and dense dry

sand with impact velocities up to 763 cm/sec. On clay Dayal and Allen

1- (6,8) experimented with impact velocities to a maximum of 610 cm/sec.

IIn 1973 Murff, Harry and Coyle (18) investigated the dynamic penetration

phenomena on Kaolin clay at impact velocities which ranged from

L 1,500 cm/sec to 61,000 cm/sec. McNeil (16) also tested with high impact

velocities of about 2500 cm/sec into seafloor sediments.

L A study done by Dayal and Allen (8) showed that the effects of

L velocity on friction ratios are very 
significant. Friction ratio is

defined as the dimensionless ratio of the unit friction/adhesion along

L the smooth steel friction jacket to the unit bearing capacity of the

standard cone point. Although the study was done with constant velocity

I penetration, the 600-fold increase in penetration velocity is a good

I basis for observing the effect of increase in velocity. The range of

velocities tested were 0.13 cm/sec to 81 cm/sec. Targets were clay of

L. various strengths (0.03 to 0.81 kg/cm 
2) and sand in loose and dense

state. It was concluded that an increase in penetration velocity

I. results In an increase in friction ratio in clay. Figure 2.2 shows that

L for granular soils, the effect of velocity on cone and sleeve friction

resistances are insignificant. The percentage increase Is about

4 percent. Figure 2.3 shows that for cohesive soils the effect of

penetration velocity causes an increase in cone and friction

resistances. An increase of 80 percent was observed. Therefore, theJ [
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I effect of velocity on clay are very significant. Table 2.1 shows the

variation of friction ratio with penetration velocity and soil type. On

the topic of effects of velocity, other researchers such as Murff, Harry

[ and Coyle (18) have postulated the existance of some critical velocity.

They hypothesize that if the projectile enters the soil mass at a

velocity which encapsulates the projectile by a cavity, no side

[resistance occurs and the penetrometer continues to penetrate until the
reduction in velocity causes the cavity to collapse and the contribution

[of side resistance which is now significant, causes the penetrometer to

stop more quickly. This velocity is called the critical velocity which

is a function of projectile geometry and soil properties. Soil

properties are very important in the critical velocity concept. For

soft or very soft clay the velocity at which separation occurs (critical

velocity) is much lower than for stiff or medium clays. It has also

been found that the velocity at which separation occurs is influenced by

Ithe projectile nose shape. The blunter nose has a greater tendency to

Icause separation and consequently the resistance along the projectile
sides is less (18). This surprising result is best illustrated by plot

of depth versus velocity for two different nose shapes. Figure 2.4

shows plot of this type which represent tests in two different soil

targets. It is readily seen that for both targets a critical velocity

*f is reached for the blunter projectile. Past this velocity the blunter
projectiles penetrate further than the sharp nose projectiles. The

[blunter nose projectile experiences a high deceleration at impact but
has a lover resistance during penetration apparently due to a less

Isidewall resistance.

t
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I As another illustration of the effect of velocity, Figure 2.5 shows

a comparison of several force-depth records at varying impact

velocities. Note that as the velocity increases the slope becomes

flatter until it finally becomes approximately horizontal. This

horizontal portion J5 felt to be due to a cavity totally encapsulating

TI the projectile. At a certain depth (and velocity) the resistance begins

to increase indicating that the cavity is beginning to collapse on the

projectile. Murff (18) concluded that for clay after collapse the

Isidewall resistance is a significant portion of the total resistance.
L 2.2 PENETRATION RESISTANCE

During the impact penetration, the penetrometer is subject to

I resistance due to "dynamic" soil bearing capacity all the way from entry

until the conclusion of penetration. Well established formulae are

available for estimating the bearing capacity for "static" loading,

however, no formula is known to be adequate for "dynamic" loading.

Furthermore, the behavior of soil under dynamic loading is still not

I well understood. It is believed that the "dynamic" case at low velocity

is similar to the "static" case (7). The two major factors that could

I {cause differences between the "static" and "dynamic" are modes of

failure and strain rate effect on characteristic strength parameter.

2.2.1 Hodes of Failure

Thompson (25) has performed both two and three-dimensional model

impact penetration tests and full scale impact penetration tests on sand

and gelatine target materials to study the failure pattern. The motion

1of soil particles and penetrometer has been studied from high speed

photographs with penetrometer velocities ranging from 6096 to 24384 cm/s.

|I
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IThe motion of the target in the two-dimensional tests as well as the

length of the surface crack and surface deformation in full scale tests

indicate the phenomena of impact penetation are primarily one of shear

deformation. There appears to be a shear front, defined as the line

bounding the zone in which no shearing of medium has occurred, traveling

(with the penetrometer. The shape of the leading edge of the front seems

to be a log spiral in the case f a blunt nose projectile penetrating a

half space. Similar observations have been reported by Colp (5) and

[Chou (4) from steady penetration tests performed on simulated
cohesionless and cohesive soils, respectively.

2.2.2 Strain Rate Effect

[During the past two decades, increased attention has been given to
the study of strain rate effects on soil strength parameters. TaylorK(24) and Casagrande and Shannon (2) were among the first to perforn

[comprehensive investigations of the dynamic strength properties of clays
and sands. By their experimental results, these investigators

[demonstrated that the strength of clay increases significantly under
dynamic loading while only a slight increase in the strength of sand is

I observed. Whitman (29,30) has reported dynamic-static strength ratios

of 1.5 to 2 to various types of clay, whereas for sand Whitman and Healy

(31) have shown that the value of 0 changes by only 2 to 3 percent with

increase in loading speed to 254 cm/s (100 in/s). SchImming, Mass, and

Sex& (23) reached the same conclusion stating that dynamic effects are

minimal for cohesionless soils.

[.
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2.3 PENETRATION MODELS

Upon impact on a soil mass, a projectile pushes against soil

particles, ruptures the soil structure, crushes the soil particles, and

comes to rest when the projectile inertia is totally dissipated (29).

The major factors that contribute to energy dissipation of the

projectile and causing it to stop are: (1) inertial resistance, (2) the

bearing capacity or overcoming the strength of soil, and in the case of

sand (3) pulverization of sand particles.

Based upon these aforementioned energy dissipation factors,

researchers such as Wang (29) proposed penetration models by taking the

change of kinetic energy of the projectile to be equal to the sum of the

energy dissipation factors as a function of depth of penetration.

1. Inertial resistance:

dT1 = a p dx V
2

where

dT1 a energy dissipation due to inertial resistance

p - mass density of soil

-= cross-sectional area of projectile

dx - traveling distance during dt

V - impact veloicty of projectile

2. Overcoming the strength of soil:

dT2 - (A + Cx)

wherep

dT2 = energy dissipation due to overcoming the strength

of soil



15

x - depth of penetration

A,C - constants, depending on the soil property and

projectile shape and size

" rand for the case of sand,

3. Crushing sand particles:

dT3  D' a dxV
2

where

dT ' energy dissipation due to pulverization of sand

D' - coefficient in terms of sand particles diameter

[before and after fracture, porosity, and the

ratio of new surface area to the energy producing

fracture

The sum of dT1, dT2 and dT3 is equal to change in kinetic energy,

I3

-d1 (V 2) - D' a dx V2 + p a dx V2 + (A + Cx) dx

fThe differentiation of the above equation results in a relationship

between the impacting velocity and maximum penetration which is not

Iobtainable in a closed form.
SolMurff, Harry and Coyle (18) proposed an elementary penetration

odel for clay in which for simplicity they assumed that the entire

resistance is concentrated over the nose of the projectile and is

'I constant.

.1 20

I I -V 2 f- - -
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where

M a projectile mass

V a impact velocity

ON a stress on nose

D a diameter

xf a depth of penetration

x a coordinate direction

Next they considered the entire constant resistance distributed along

* the sides of projectile

1t !2 . x f
I a s fD x dx

2 o o T

where

as a stress on projectile sides

The equation of motion proposed by Dayal and Allen (6) which vas

Ibased on momentum considerations was derived from the assumption of the

path of soil movement to the surface. The momentum of all of the

regions of the soil movement were calculated with the assumption that

the soil is incompressible and a volume of soil equal to the volume of

the penetrated projectile moves above the original surface. By equating

the contributions of the weight of the projectile and different soil

masses to the soil resistance, a non-linear differential equation for

it which neither an exact nor an approximate analytical solution could be

* !found was presented. This equation is not presented here because of the

length and the complexity of the equation.

1Figure 2.6 shows the record of the forces on the penetrometer from
the same study done by Dayal and Allen (6). The penetrometer starts to

i
t decelerate after a small penetration. The deceleration remains nearly

I'
b~ d-
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linear with depth. At some further penetration the penetrometer comes

to an abrupt zero acceleration. The figure shows that the resistances

of the soil on the penetrometer which are the cone and sleeve are nearly

i constant with depth.

* Recently, accelerometer output has been recorded by Knight (14).

The velocity and depth of penetration at any instant were calculated for

the deceleration record. Results are shown in Figure 2.7 from a series

of tests on a dry sand target for a range of impact velocities up to

12 m/s. Figure 2.7 shows that at higher impact velocities there is a

noticeable secondary peak in the deceleration record. A satisfactory

explanation given by Knight is that the early part of the impact on dry

* 4sand is so violent that resistance decreases until some further

penetration has taken place.

IIn this study a new approach for classification of ocean bottom

sediments by considering the equation of motion is presented.

I
I

Ii
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IChapter 3

THEORETICAL CONSIDERATIONS

This section considers the relationship between the physical
t

characteristics of the penetrometer and the geotechnical properties of
I
L the sediments. In the first section a dimensional analysis of the

problem is conducted as an aid in interpreting experimental data. In

the second section the equation of motion of the penetrometer is solved

Ito yield a prediction of penetration as a function of soil and

penetrometer characteristics.

3.1 DIMENSIONAL ANALYSIS

'1 A general technique which can be used to analyze mechanical

problems is dimensional analysis. In this technique the major variables

Li affecting the problem are identified and combined into dimensionless

tratios.
The primary variables considered in this analysis are the air mass

[of the penetrometer (M). the diameter of the penetrometer (D). the

impact velocity (Vo), the soil shear resistance (S), the maximum depth

1of penetration (h), and the acceleration of gravity (g) (see

Figure 3.1). The unit weight of the soil is neglected in this analysis.

The units and the dimensions of these variables are listed in Table 3.1.

t Using H. D. and g as repeating variables, the dimensionless ratios are

h/D, V /hg and SD /Mg.
0

The first term h/D represents the number of penetrometer diameter

t! the penetrometer penetrates. This ratio can be viewed as the depth



I 21

M (AIR MASS OFj PENETROMETER)

I ~ a-- D (DIAMETER)

MUDLINE V (MUDLINE IMPACT VELOCITY)

vI(MAX. DEPTH OF PENETRATION)

(DISTANCE B3ELOW MUDLINE)

SOIL PROPERTIES:

I. B3ULK WEIGHT, V
2 SHEAR STRENGTH, S

Figure 3.1 Penetrometer and Soil Properties Used in the Dimensioai
Analysis



22

Sfactor for bearing capacity. The second term,. 2/hg represents the

kinetic energy over the potential energy of the penetrometer. The third

term. SD 2/g represents static weight versus shear strength. This ratio

is related to the bearing capacity of the soil. The primary relation-I2
ship will be sought between h/D and V//Dg.I

Table 3.1

Units of Primary Variables

Variable Dimensions Units

I H Mass kg

D Length m

V°  Length/Time m/sec

S Force/Area Length kN/M2

. h Length m

2 2
9 Length/Time m/sec

3.2 PREDICTION OF PENETRATION

Most of the proposed solutions of projectile penetration are based

upon the following general relationship summarized by Fuchs (2)

dV

dt mL- R (1)K 8!
where M - mass of projectile, V - velocity of projectile, t - time, and

I; fIR - sum of the forces on the projectile.

For this first order analysis R will be assumed to have two

components; the downward force of gravity, and the upward resistance of

soil. The downward force of gravity is taken to be the immersed mass of

Lu
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1 the penetrometer (W') multiplied by acceleration of gravity (g). The

Iupward soil resistance will be taken to be related to the soil shear
stress (M). Therefore, the total force on the penetrometer will be

I related to by the shear stress multiplied by the cylindrical area of the

penetrometer, 7rDz.

I. The final form of soil resistance will be given by

STDz - N DzS

where Np is the penetrability factor, which may include the effect of

friction angle, cohesion, velocity, etc.; S is the shear strength of the

1L soil; and z is the depth of penetration at any time.

1The equation of motion for the penetrometer is as follows:

dV -Mg N DzS (2)

The initial conditions are that at t - 0 and at Z a 0, V - Vo . The

final conditions are that at t - T and at z - h, V - 0.

The solution of equation (2) is as follows. Rewrite equation (2)

as

d h a - bz (3)

dt
2

where

a = ('/M) g

1. b- N (D/) S

let Q " a - bzI
b dz

dt dt

lbiJ



24

Idt 2 dt2

Therefore

d2z 1 d2Q4)

Sdt b dt2

Then substituting equation (4) into (3)

2b dt2

, AS.[

2 d2Q ab
dt2

The general solution of the above equation is

Q - Q sin b t + P cos b t

The solution for z is

a -bz - Q -in bh t + P cos bh t

or

(Q sinb t + P cosb t)
b b o 0

The equation for velocity as a function of time Is

d V - (b% Q cosbh t + P b sin b t)

Applying the initial conditions at t - 0. z - 0 and V - 0 gives

II ~ -" 1 (Po- 0

a b1

1 .,=: .. = = - ' .. ... - _ ...-.. .., .._. . _2 ." . : 2 -"Z'. . '- d
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solving f or Po a

V (b Q).V
b 0 0

solving for Q V0b

4 The particular solution for the depth and velocity are

Z V 1 il - 1cos0 t(5)
bb

V cos b t + asin b t (6)

where a (M'/M) g and b - N p (DIM) S

These solutions define a relationship between the penetrometer

characteristics, the sediment properties and the maximum depth of

1penetration, i.e., at t -T, z - h and V *0, equation (5) and (6) will

be equal to the following

h -A(1 -cos bk T) + V 0sin bhT (7)

I 0 V cos b T asin b T(8

Solving equation (8) for T

T -tan 1  (b V 0 a)1bh

1.Assuming a is small (a 40) then
T tan ( r/w2

1..
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Substituting for b

iT

2(Np (D/IM) S)

Using this in equation (7)

Va 0 n
h (1 - cos 1) * R sin

and since a 0 then

hMV 0  V(M (9)
b P

' Equation (9) relates the maximum depth of penetration to the impact

velocity.

I Equation (9) can be rewritten as the dimensionless ratios obtained

in the first section:

h/D - (V2 /gh)/(SD2 /Mg)Np

Therefore the penetrability factor, N can be calculated by the
P

following formula of dimensionless ratios:

N j Np - (V2/gh)/(SD 2/Mg)(h/D) (10)

P 0
t

Ii
, '
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IChapter 4

I DATA ACQUISITION AND ANALYSIS

4.1 PENETROMETER CHARACTERISTICS

This study deals with the classification of ocean bottom sediments

Iby free fall of a penetrometer. The non-instrumented penetrometers used

in this study were fabricated from stainless steel. These penetrometers

had the capability of additional weight attachment for penetration

testing of different mass to diameter ratios. In the case of the

penetrometer with the diameter of 5.1 cm this capability was

conveniently achieved by adding weights inside the hollow penetrometer

tube. In the case of the other penetrometers which had diameters of

2.54 cm and 1.60 cm this was achieved by designing cylindrical lead

weights with penetrometer diameter openings. These weights were fitted

with set screws so that they could easily be slipped up the penetrometer

and screwed onto the penetrometer. The weight of the 5.10 cu, 2.54 cm

and 1.60 cm diameter penetrometers were 4.85 kg. 7.5 kg and 0.875 kg,

respectively. The overall length of the penetrometers were 2 meters for

1the 5.10 cm and 2.54 cm diameter penetrometer, and 1 meter for the
1.60 cm diameter penetrometer. Two cones of blunt and 60* tip were used

I in the tests. Figure 4.1 shows the photograph of the three

1penetrometers.

4.2 LABORATORY EQUIPMENT AND PROCEDURE

I In the laboratory testing dry powdered bentonite clay was placed in

a large concrete mixer and mixed with a measured amount of water to

..... =
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Iobtain a very low shear strength, simulating the ocean bottom
conditions. The material was recycled until the mixture was homogeneous

and was then removed from the mixer.

f Target was constructed in cylindrical steel mold of 46 co (18 in)

diameter and 81 cm (32 in) height. The sold was placed on a set of

wheels for mobility. The soil mixture was placed in the mold in layers

and compacted. At the end of compaction of every layer samples were

collected for determination of shear strength. The fall cone test was

performed three times on each sample to obtain a reasonable and

statistically reliable shear strength of the soil in the mold. These

shear strength values were all very close to 5.0 kPa which was chosen to

represent the shear strength of the target.

In this soil the dynamic penetration tests were performed with the

J 1.6 cm diameter penetrometer. Different weights were attached to the

penetrometer to diversify the penetration for variety of velocities.

I The penetrations were performed as many times as possible without

adversely influencing the results.

IThe release mechanism of the penetration was composed of a pully

attached to the ceiling of the laboratory 4 meters high and a stiff

cable covered by plastic lining to restrain the elastic strain and to

Ireduce friction in the pully. The penetrometer was released by an

electrical device that was connected to the end of the cable by a very

Sshort non-elastic string of high tensile stress.

S I The impact velocities were determined by the height of fall. The

total depth of penetration was measured by initially measuring the total

height of the penetrometer and subtracting the buried height of the

penetrometer.

M
t
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4.3 FIELD EQUIPMENT AND PROCEDURE

j The field experimentations were performed on two sites. The sites

were located at St. Andrews. Panama City, Florida and at Pass Christian,

Gulf Port, Mississippi.

jThe classification of the top 40 cm of soil in the field for both

sites according to AASHTO Soil Classification system were A-3.

[According to the Unified Soil Classification system, both sites were
poorly graded soils with 80-90 percent fine sand. Shells were also

1 present but the percentage was not appreciable. The grain size

1distribution graphs are available in the Appendix.
The tests were performed at low tide and low wave period. The

maximum height of water above the sand during penetration testing was

about 20 cm.

The 2.54 cm and 1.60 cm diameter penetrometers were used in the

field. The bigger diameter penetrometer (5.10 cm) did not penetrate

into the soil appreciably because of the low mass to diameter ratios and

the low range of velocities tested. For this reason the 5.10 cm

diameter penetrometer was not used. The effect of different cones on

the depth of penetration were also tested.

A steel pipe frame was constructed to support the penetrometer for

penetration testing. A pully was suspended from the top horizontal

1 ~member of the frame. On the vertical member of the frame five release

mechanisms were attached for adjusting the height of fall of the

penetrometer. Figure 4.2 shows the schematic diagram and the details of

the system. The frame was erected on top of the soil and the height of

penetrometer fall was adjusted. After the release of the penetrometer

I the depth of penetration was measured by knowing the total height of the

No-
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penetrometer and subtracting the measured unburied height of the

penetrometer. The frame was then lifted and relocated on a different

spot in the same vicinity vithout disturbing the path of penetration

vhich was chosen along the shoreline. This time another height of fall

was adjusted and the penetrometer was released and the depth of

penetration was measured.

IDue to the fact that shells existed in the site, the true depth of

penetration in sand was not always obtained by the first drop. The true

depth of penetration in sand was obtained by dropping the penetrometer

three times and using the largest value. For example, if the first

b depth of penetration was 10 cm and the second and third depth of

penetration was 20 cr and 22 cr, respectively, the largest value which

is 22 cm was used in the-analysis to represent the penetration in sand.

I
I.

11
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Chapter 5

[ DISCUSSION OF RESULTS

q5.1 GENERAL OBSERVATIONS AND CHARACTERISTICS
OF RESULTS

The total depth of penetration is an essential information for

classification of soils. In this study the penetrometers discussed in

the previous chapter were utilized to obtain the total depth of

perctraticr. t vFriety of velocities ane mass to diameter ratios were

[ tested to yield different depth of penetrations without changing the

soil properties. The range of these variables are summarized in the

table below.

LTable 5.1

Range of Penetration Variables

Clay Sand[ Variable
Min. Max. Min. Max.I

Impact Velocity 2.23 7.83 2.78 5.68

Mass/Diameter 54.70 243.80 385.80 1011.80

(kg/rn)

* Total Depth of
Penetration 0.09 0.55 0.06 0.42* 1 (n)

Figure 5.1 shows the plot of impact velocity versus the total depth

of penetration in clay. The penetrometer was loaded to four different1
1t
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weights and dropped into laboratory prepared clay target of 5 kPa shear

[i strength. For each weight a nearly linear relationship for a variety of

velocities was observed. The linear coefficient of correlation ranging

between 0.97 and 1.0 confirmed tOi re.s&tcnship. The plot@ show that

as the velocity increases the total depth of penetration also increases.

It was observed that at velocities higher than 5 a/s the effect of

,I velocity on the depth of penetration becomes less significant. That is

to say the increase in the depth of penetration was almost non-existant

f as the velocity increased over 5 m/s. Recall that the height of mold

was 81 cm and therefore the boundary conditions cannot be attributed as

[an explanation for this behavior. However, this phenomenon can possibly

be attributed to the fact that the strength of clay increases

significantly under dynamic loading (8). At high velocities of 5-8 m/s,

as tested in this study, the clay can gain additional strength due to

the inertial forces. This explanation does not however suggest that at

velocities significantly higher than the velocities mentioned in this

[study, the depth of penetration will not increase. At some velocity the

inertial forces may overcome the dynamic strength of clay and higher

[ depth of penetration will result.

Figure 5.2 shows the plot of impact velocity and the total depth of

penetration in sand at Pass Christian. These points represent the data

obtained at Pass Christian site. This figure shows the linearity

between the depth of penetration and impact velocity as was observed in

1 l clay.

The saturated unit weight of the sand was calculated and the

I internal friction angle of the sand was obtained from a table by

-
L
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Neyerhof for calculating the shear strength of sands. For Pass

I Christian the internal friction angle yas 40 and for St. Andrews it was

35.
3 One important fact that must always be considered in dynamic

penetration is the variability of depth of penetration in field and

Inatural conditions as it was demonstrated to us in this study. Many

times the depth of penetration was drastically reduced because of

collision of the penetrometer with shells which existed in the beach.

IThe true depth of penetration was obtained by dropping the penetrometer
at the same velocity and the same weight until a consistent result was

attained. In ocean bottom sediments this problem can also exist. There

are hard objects that will stop the penetrometer and the actual depth of

penetration for that particular sediment strength and type will not be

obtained. It is advised that as many penetrations as possible be made

in the same vicinity of interest to obtain a representative penetration

I result.

In the field, the effect of the blunt tip and the 60" cone tip on

the depth of penetration was examined. A 25.71 kg penetrometer with the

j 600 cone dropped at a velocity of 5.68 m/s resulted in 34.3 cm

penetration, while the same penetrometer with a blunt tip penetrated

I into the same soil resulted in 35.5 cm penetration. These penetration

1 Jdepths were the largest depth of penetration after dropping the

penetrometer three times. At velocities lower than 5.68 m/s with

j different weights, no significant change in depth of penetration took

place.

I Figures 5.3, 5.4 and 5.5 show the penetration results at

St. Andrews, in clay and in dry loose and send sand, respectively.

I
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5.2 DIMENSIONAL ANALYSIS RESULTS

FThree dimensionless ratios were considered. The first of these

ratios was h/D where h is the total depth of penetration and D is the

fdiameter of penetrometer. This ratio represents the number of

penetrometer diameters the penetrometer penetrates. The majority of the

values for this ratio were between 5 and 30 indicating that dynamic

f penetration passes the limit of shallow foundation problem. The values

of h/D for saturated sand and clay were approxiamtely the same, however,

the mass of the penetrometer in the case of sand ranged from 9.8 kg toI

25.7 kg while in the case of clay it ranged from 0.875 kg to 3.9 kg.

Wang (27) performed penetration testings on dry dense sand with

funit weight of 17.27 kN/m3 and internal friction angle of 40° , and on

dry loose sand with unit weight of 15.54 kN/m3 and internal friction

-ngle of 30'. The values of h/D ratios are tabulated in Table 5.2. As

shown in column 5 the ratios of h/D for loose sand divided by the ratios

of h/D for dense sand is approximately 2. This result indicates a

direct relation between internal friction angle * and h/D.

The second dimensionless ratio was V /gh where V is the impact

Ivelocity, g is the gravitational acceleration, and h is the total depth
of penetration. This ratio represented the kinetic energy of the

Ipenetrometer over the potential energy of the penetrometer. The values

for this ratio for both clay and sand ranged from 2 to 100. This

indicated the prevailing control of kinetic energy over potential

) Ienergy. For saturated sand this ratio was much larger than for clay for

the same mass, diameter and velocity.

The third dimensionless ratio was SD /Mg where S to the shear

strength of the soil, and m is the mass of the penetrometer. This ratio
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r Table 5.2

h/D Ratios for Dry Loose and Dense Sand

M/D v h/D hID hID (Loose)
(kg/rn) (rn/Rec) (Loose Sand) (Dense Sand) h/D (Dense)

f26.18 3.05 2.24 1.26 1.8

26.18 4.58 3.47 1.66 2.1

F26.18 6.10 4.47 2.09 2.1

26.18 7.63 5.37 2.51 2.1

18.90 3.05 3.24 1.86 1.7

18.90 4.58 4.57 2.34 2.0

t18.90 6.10 6.03 2.62 2.3

18.90 7.63 7.41 3.31 2.2

6.30 3.05 1.38 0.52 2.7

C6.30 4.58 2.14 0.74 2.9

6.30 6.10 2.69 1.20 2.2

V6.30 7.63 3.24 1.48 2.2
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represented the shear strength over the weight/area ratio of the

penetrometer. The values of this ratio for clay ranged from 0.16 to

0.50 and for saturated sand it ranged from 0.006 to 0.014. The inverse

of this ratio Mg/SD2 represented the load over the strength of soil or

the bearing capacity of the soil. These values were ranging from 2 to 6

for clay and 71 to 166 for saturated sand. This means that the dynamic

Upenetration considerably exceeded the bearing capacity of the soil.
Tables 5.3 through 5.8 show the sumarized values of all the

Idimensionless ratios for all penetration data.
1 5.3 N RESULTS

PP
N PIs also a dimensionless number. It is a function of Impact

velocity, depth of penetration, diameter of penetrometer, mass of

penetrometer, and the soil shear strength. Equation 10 in Chapter 3

described N as the function of the three dimensionless ratios discussedP(in the previous section.

The results show that for clay of shear strength ranging from 5 kPa

to 52 kPa, N varies from I to 7. For saturated sand N varies from 22

to 1153. For dry loose and dense sand Np varies from 4 to 45. The

variation of N for every soil is dependent on the impact velocity and

the mass to diameter ratio. The values of Np clearly distinguishes

between clay and sand. For sand the values are much larger than for

tclay.

Solving equation 9 of Chapter 3 for N gives

V 
2

Ip DSh2

I
-,- -S
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Solving further for the product of two unknowns,

p Dh2

For sand S is the shear strength at h.

Figure 5.6 shows the plot of log MV0/Dh which is Np multiplied by

shear strength of the soil versus the log N . For clay log Np is less

than one, and for sand it is greater than one. Shear strength of both

Isoils increase to the right.
5.4 CLASSIFICATION RESULTS

Figure 5.7 shows the plot of two dimensionless ratios h/D and V /gh

for clay. The third dimensionless ratio SD2 /M combines the effect of

shear strength, diameter and mass of penetrometers into one constant

that decreases from 0.42 to 0.05. These data points are from two

jsources. First the results of this study with 5 kPa clay shear strength

and secondly the result of a study done by Dayal and Allen (6) with 10,

128 and 52 kPa clay shear strength. This figure is a valuable result for

obtaining the shear strength of clay with dynamic penetrometer. A

penetrometer with any mass, diameter and velocity limited to the range

L of the values in this study can penetrate into clay and by referring to

this figure and determining the value of SD 2/Mg, the shear strength of

I the clay can be estimated. All of the points that appear in the figure

are from different velocities that range from 2.23 m/s to 7.80 m/s and

from different mass that vary from 0.875 kg to 25.71 kg and by two

! diameters that are 1.60 cm and 3.57 cm.

Ii
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For example, a penetrometer with a mass of 20 kg and diameter of

1 3.0 cm penetrates into clay with impact velocity of 5.0 m/s. It

penetrates 25 cm. What is the shear strength of the clay?

2 . (5.0)2 - 10.20[ o.U
gh (9.8)(0.25)

h 02
D 0 8.33

By referring to Figure 5.4, jD  .24

S - (0.24)(20)(9.8)/(0.03)2

1 S a 52,266 N/m2  52 kPa

In Figure 5.7 a distinction was lacking between sand and clay.

The depth of penetration in clay with the same penetrometer is much more

than the depth of penetration in sand. However, different penetrometers

with different masses and diameters can create confusion in distinction

between sand and clay. Therefore, the effect of mass and diameter were

L normalized for classification purposes. Ultimately the ratio hD/Hg was

obtained which is not a dimensionless ratio.

Figure 5.8 shows the result of this normalization in clay. The

Ishear strength of clay is directly obtainable by knowing V0 , h, D and H,
2 2

and calculating the two ratios of V /gh and hD/Hg. The best line is[0
I fitted through each soil shear strength.

Figure 5.9 shows the result of the same normalization in sand. The

_ I sand with the higher strength behaves in a linear fashion. However,

I because of the variability of testing, the lower strength sand does not

IL
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I behave linearly. This result can indicate that not all of the points

f have the same shear strength.

Because of the discrepancy between the values of hD/ug for sand and

j clay. the log values were observed.

Figure 5.8 and 5.9 are combined to present Figure 5.10. This

figure classifies the soil type by dynamic penetration. For clay shear

strength of 5, 10, 28 and 52 kPa are presented. As it can be observed

the lower strength sand mixes with highest strength of clay. This

suggests that in dynamic penetration low strength saturated sand behaves

as high strength clay.

t In the ocean bottom sediment, however, overconsolidated clay with

shear strength of 52 kPa (1000 psf) is very rarely encountered.

Therefore, by omitting the points of 52 kPa clay, any soil that falls to

the right of the dotted line is considered clay and any soil that falls

on the left side of dotted line is sand. The lower strength of clay are

to the extreme right and the higher strength of sand are to the extreme

left in Figure 5.10.

5.5 SHEAR STRENGTH

5.5.1 Determination of Shear StrengthIat Zero Impact Velocity

The depth of penetration under zero impact velocity describes a

:< quasi-static penetration. In clay the depth of penetration with no

impact velocity is higher than for sand. The ratio Mg/hD with h at zero'4[

impact velocity gives the shear strength of clay. For best results. h

at V0  0 must be tested a few times to get a reliable values.

L
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For example, the laboratory testing of penetration with zaro Impact

f velocity results in 9 cm of penetration. The mass of the penetrometer

wa 0.875 kg with the diameter of 1.6 cu. Therefore,

S -(0.875)(9.8) - 56950 N/m - 5.95 kPa

hD (0.09) (0.016)

The measured fall cone shear strength of this clay was 5 kPa.I
5.5.2 Pore Pressure Effects

IThe effect of dynamic pore pressures in sands are highly

significant. The depth of penetration decreases greatly when pore

pressures are present.

In the laboratory experimental testing in dry dense and loose sand

were compared with saturated dense and loose sand.f LIn dry loose and dense sand the depth of penetrations were simllar

under the same penetrator conditions. This is attributed to the small

confining pressures that were present and therefore no significant

L change in depth of penetration between dry loose and dense sand was

observed. After addition of water to the loose dry sand and immediately

Idropping the penetrometer into the saturated sand, the depth of
penetration was observed to be very high. This was due to the lower

effective stresses that existed. The container was then vibrated and

the sand was compacted. The sand consolidated in the tank for one

month. The penetration tests were again performed. This time the depth

1 l of penetration was significantly reduced. Because of dilatancy effects,

the negative pore pressures were created to increase the effective

L 5 stress and consequently reduce the pen*tration.

LI

------



The effect of pore pressures were observed In the field when the

* penetrometer was stopped momentarily at Impact at the surface of sand

and then continued to penetrate with less momentum. This suggests that

the pore pressures were high enough to exceed the normal stresses and

I stop the penetrometer momentarily at surface.
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Chapter 6

CONCLUSION OF RZESULTS

1. Ocean bottom sediment types can be classified by dynamic

penetrometers, given the total depth of penetration, the mass of

penetrometer, the diameter of the penetrometer, and the velocity at

impact provided it does not exceed the range of velocities tested

It in this study which was at maximum of 8 m/s.

1 2. In this study the most repeatable and adequate depth of

penetrations were obtained by the heaviest penetrometer with the

smallest diameter and the highest impact velocity. The following

penetrometer characteristics are recommended.

Mass - 25 kg

Diameter - 2.5 - 3.0 cm

Impact Velocity 5 5 - 10 m/s

1.Penetration into ocean bottom sediment with the above penetrometer
I characteristic will assure an adequate depth of penetration in both

t J sand and clay.

3. Because of pore pressures, the total depth of penetration In

saturated sand is significantly less than In clay with the same

i |shear strength at that depth.
L I4. Shear strength of clay can be rbtained by dynamic penetration,

provided the penetrometer has adequate velocity and mass to

sufficiently penetrate into clay.

3 5. The total depth of penetration under zero impact velocity condition

1 can provide the shear strength of clay.
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6. The dimensionless ratios h/D, V2/gb and SD 2/S describe the

distinction between send and clay.

7. The affect of penetrometer nose shape Is Insignificant on the depth

-}of penetration in sand for velocities up to 8 m/s.

8. The total depth of penetration increases with increasing velocity,

increases with increasing mass and decreases vith increasing

diameter.

9. Logarithm of Np, the penetrability factor, is less than one for

jclay and greater than one for dry and saturated sand. It increases

with increasing velocity and decreases with increasing mass to

diameter ratio.

10. Dynamic penetration resistance significantly exceeds the static

bearing capacity of the soil due to pore pressure effects.

11. Dynamic pore pressures in sand are significantly high to cause

large reductions in penetration. Further research of penetration

I into saturated sand is recommended.

12. The need for furthex research with instrumented dynamic

1penetrometer to measure tip resistance, sleeve friction and pore
pressure is recommended.

.

l
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ABSTRACT

Samples from a single borehole located near Main Pass of the

Mississippi River at water depth of 10 m were tested in Drnevich

resonant column apparatus for their dynamic properties. Index

properties of the samples indicated high water contents of 60-80

percent, and shear strength data indicated very soft weak material for

the top 60 m of borehole. The maximum shear modulus values at each

depth were predicted by hyperbolically fitting the experimental values

of shear modulus measured at different shear strain amplitudes (ranging

from 10- 4 to 1.0 percent). Using the shear modulus-shear strain

variation data, cyclic shear stress versus shear strain were also

correlated. The nonlinear stress-strain curves were represented as

bilinear curves following Von-Mises yield criterion. Experimental

curves of damping with shear strain amplitude were used to estimate the

minimum damping ratio and damping characteristics for several specimens.

The material properties obtained through the testing procedures were

then incorporated in two distinct numerical solution techniques, a

viscoelastic subbottom wave interaction solution technique, and a

nonlinear finite element program, NONSAP, The apparent advantages and

disadvantages of each technique in the process of providing foundation

design data for offshore structures with regard to mudflow problems of

the area are discussed. A preliminary study to incorporate critical

state soil mechanics concepts into mudflow analysis was also conducted

and results were discussed.

xviii



Chapter I

INTRODUCTION

Marine sediment instabilities are known to be one of the major

design concerns for offshore structures. The severity of the problem is

limited to the local material properties and loading conditions.

Several theories providing methods to analyze marine subbottom movements

are as follows:

1. Infinite slope stability analysis (35,39)

2. Simple rheological model analysis (59)

3. Wave-propagation and viscoelastic subbottom interaction

analysis (45,54,26)

4. Spontaneous liquefaction due to progressive pore pressure

build up under cyclic wave loading

A recent approach suggests employing Critical State Soil Mechanics

method (14). Since, no literature concerning the application of the

method to the specific problem of marine instabilities is encountered,

it is not included in the above list of theories. Nevertheless, a

pioneering study on some ways of employing the critical state method

will be included here in this study.

Infinite slope stability analysis is one of the early attempts to

study the mechanism of submarine sediment slides. Mitchell, et al.

(35), did not observe infinite slope stability failure along circular

arcs conducting model tests. In a more recent study by Prior, et al.

(39), a failure condition from the geometry of the slope was formulated,

and an equation of pore pressure in soil matrix at failure was derived.

I1



2

Analytical pore pressure results at failure in Mississippi Delta

sediments, were well above geostatic stresses. Consequently, one could

conclude that the progressive pore pressure buildup raising the

condition of liquefaction, would provide an analogical approach to the

high pore pressure criteria of failure in this study. Considering the

fact that the sediment slides in the Mississippi Delta area, generally

initiate at very low slopes ranging from 0.5 to 2.0 percent, attributing

the initial failure to high pore pressures would be favorable.

Liquefaction theory is one of the well developed analysis in soil

dynamics area. Numerous studies on liquefaction behavior of saturated

cohesionless soils, under various types of dynamic loadings, are

frequently encountered throughout geotechnical literature. Cyclic wave

loading analysis of marine sediments of cohesionless type, consequently,

related design procedures for offshore structures employ liquefaction

theory (40,27,32,51). Various numerical solution techniques evaluate

the pore pressure response of soil matrix before and/or after the

liquefaction under the induced cyclic loading (27,10,33,51). When

saturated sands are subjected to cyclic loading, as earthquake

vibrations or wave pressures on offshore sediments, they tend to compact

and decrease in volume. If drainage is unable to occur, the volume

change is replaced by an increase in pore water pressure. When pore

pressure builds up so that it is equal to the overburden stress, the

effective stress which is transmitted through grain contact points,

diminishes to zero and the sand loses its strength, passes to a

"liquefied state". The relation between the number of cycles of loading

versus the pore pressure ratio ru, is illustrated in Figure (1), where WR

is the number of cycles of loading required for the material to reach a

I I-S-I
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"liquefied" state. Response of saturated cohesive soils under cyclic

loading is not termed as "liquefaction". Nevertheless, reduction in

effective stress with increasing pore pressure under undrained

conditions, reduction of shear modulus with increasing shear strain and

number of cycles of loading, and damping affects are common responses

for both cohesive and cohesionless saturated soils under dynamic

loading. These common aspects, plus in-situ and experimental

observations of high pore water pressures in several areas of cohesive

nature (39,20,8,41) allows one to study the mechanism of failure in

cohesive marine sediments through dynamic response analysis coupled with

an analogy to "liquefaction" behavior.

Massive sediment movements initiated by the cyclic wave loading in

Mississippi Delta region, are known to cause failure of anchoring and

supporting piles of oil platforms located in that area. Two of the very

well known incidents are the failure of Shell Oil Co. South Pass

Block 70B and Gul' Oil Co. South Pass Block 61 oil platforms after

hurricane Camille in 1969 (53). A survey by Shell Oil Co. on the bottom

of Block 70 of South Pass area of Delta, before and after the hurricane,

indicated a sediment wave front movement toward southeast, building up

over a width of 8,000 ft., to a depth of 10 to 35 ft. Behind the moving

mud front the bottom was depressed up to 5 ft. over an area of more than

750 acres (7). Movement of the sediment mass is illustrated in

Figure (2). The slides are known to occur in slopes which, according to

conventional slope stability analysis, should be stable. The average

value for these slopes is 1.0 percent. A technical report

investigating the engineering properties of shallow sediments in some

... .. ............ ..,.., . . . . . s ,,.*.'*-T _ "- -
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parts of Mississippi Delta area, describes the nature of the subbottom

soil as generally weak, highly plastic and underconsolidated clays (52).

The main concern of the investigation reported herein is about the

dynamic response of these highly plastic, weak clay sediments of

Mississippi Delta region. As stated earlier, the cohesive nature of the

material limits the application of already existing analytical and

numerical solution techniques used in liquefaction to evaluate the

mechanism of instability. Consequently, other theories, particularly

applicable to the soft sediments are reviewed. One of the major studies

in this area was done at Texas A & M University, under the supervision

of R. A. Schapery (45,54,26). A numerical solution technique that finds

the displacements, strains, velocities and accelerations in soil matrix

of a specified thickness in response to the cyclic loading of a

continuous wave train was formulated. The numerical solution employs

continuum mechanics with nonlinear viscoelastic material properties.

Based on soil displacements, the technique further evaluates the lateral

forces induced on oil platform piles. Since the stability of the

platforms depend on the anchoring piles that would resist the very large

lateral and overturning loads, the evaluation of soil displacements,

velocities and in turn, their impact on the piles become very important

parameters in offshore design techniques.

A more recent investigation uses a rheological model to derive

equations defining the initial failure of slope, mass movement

thickness, accelerations, velocities and the shape of sediment

deposition after the completion of flow in channels termed as "gullies"

(59). A schematic diagram describing the various features of marine

instabilities as reviewed by the investigators of this study is given in
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Figure (3). Some of the features are identified as collapse

depressions, bottleneck slides, elongate slides, shallow rotational

slumps and mudflow gullies.

Earlier numerical solutions developed include the finite element

model by Bea, et al., in which the soil properties are translated to

terms of lateral movements through application of static, nonlinear and

two dimensional mathematical formulation. The model estimates the

amount of lateral force developed by moving soils (6). The solution

technique stands to be one of the pioneering works to the viscoelastic

subbottom wave interaction solution of Schapery, et al. It also

represents a significant improvement over infinite slope stability

analysis.

In this study, an attempt to employ another numerical solution

technique, namely the finite element program, NONSAP (Nonlinear

Structural Analysis Program) developed by Bathe, et al. at the

University of California, Berkeley, will be presented. NONSAP evaluates

the displacements, velocities and accelerations induced by design loads

within a nonlinear continuum. This in turn enables one to predict the

unbalanced forces that cause the soil mass to move and its impact on

offshore structures. The effort to predict the lateral and overturning

forces is not within the scope of this work. Only the displacement and

velocity profiles obtained using NONSAP and WAVE AND VISCOELASTIC SEA

BOTTOM INTERACTION solution methods, to provide a basis for further work

on evaluation of forces, will be presented.4
Dynamic forces induced on the sediments by cyclic wave loading

brings about the need to evaluate the dynamic properties of t"',e

sediments in concern. The phase one effort of this study will provide

I
I
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the theoretical information section on the general behavior of cohesive

soils under cyclic loading. Phase two will cover the dynamic experiment

procedures conducted in laboratory and their evaluated results.

Application of the numerical solution techniques using these dynamic

properties will constitute the phase three effort of this study. Deep

core samples taken from Main Pass Block 75 of Gulf of Mexico by

McClelland Eng. Co. for Texaco Oil Co. were donated to LSU Geotechnical

Laboratory for research purposes. These samples were from a single

boring, ranging from 0.2 to 110 meters in depth, from mudline. Dynamic

properties for the samples were obtained through a series of torsional

vibration resonant column tests. Reduction of shear modulus, G with

increasing shear strain amplitude,y ; backbone curve of a series of

hysteresis loops, and variation of damping ratios, D, with shear strain

amplitude for each sample were obtained as a result of these tests.

Results provided the data used in numerical solution schemes, discussed

earlier. Consequently, a nonhomogeneous layered media was represented

in the numerical models.

Finally, intermitted within the consecutive phases of this study,

another mechanical evaluation of the mud slides employing critical soil

mechanics theory is presented. The theoretical background information

about critical soil mechanics concept is included in phase one section.

Related experimental procedures and using the data obtained in program

NONSAP are presented in the following two phases, respectively. A

series of consolidation tests on several arbitrarily chosen samples were

conducted. Analysis of the undisturbed and remolded sample compression

curves provided the data used in the numerical solution. As stated

previously, findings through critical state method will be presented



9

only as a basis for further work on the subject matter, since it would

require detailed and comprehensive work to formulate the final solution

for the particular problem of mud flows using this technique.

The study presented herein will provide a transitional step in

applying different experimental procedures to already existing numerical

solution technique, in order to evaluate the instability of Mississippi

Delta sediments in the Gulf of Mexico. These various approaches will be

comparative in nature, but no conclusion as to which would provide the

most applicable design criterias will be drawn, since it would require

further work on the loading mechanism of offshore piles. It is the

author's conclusion that, more effort should be directed on the

integrity of the engineering property data obtained from the soft,

gaseous, and easily disturbed sediments obtained from the Mississippi

Delta subbottom. Consequently, in-situ evaluation of shear strength and

pore water and gas pressures coupled with the dynamic property data

obtained either through undisturbed laboratory samples or indirect

in-situ procedures, would provide higher reliability and integrity to

the numerical solution results.

In summary, the main objective of this study is to provide

information on the measurement of dynamic soil properties through

resonant column apparatus, and emphasize the various uses of data

obtained through this experimental procedure in numerical solution

techniques for mudflow analysis. These techniques in turn yield the

necessary foundation design parameters for offshore structures with

regard to mud flow problems. Note that evaluation of these design

parameters is not within the scope of this work.

I
I



Chapter 2

THEORETICAL CONSIDERATIONS

Behavior of soft clays during cylic loading, evaluation of dynamic

properties through dynamic testing and the discussion of a representa-

tive critical state soil mechanics model are presented in this section

in an effort to provide theoretical information for the experimental

phase of this study.

2.1 BEHAVIOR OF SOFT CLAYS DURING CYCLIC LOADING

During cyclic loading, the stress strain behavior of clays is non-

linear and hysteretic. A hysteresis loop consists of 3 stages during

one cycle of loading. They are the initial loading, unloading and

reloading stages. The initial loading constitutes the "backbone" curve

of the loop. An idealized stress-strain hysteresis loop obtained for a

soil specimen subjected to a symmetric cyclic shearing load along a

plane free of initial shear stress is given in Figure (4). The backbone

curve characterizes the nonlinear stress-strain behavior of clays. Gmax

is the maximum shear modulus defined as the slope of the initial tangent

to the backbone curve. G is the secant modulus equal to theT /Y
s c c

ratio, where T and Y are the maximum cyclic shear stress and maximum
c c

cyclic shear strain, respectively.

Masing criterion is the most widely accepted rule for generating

hysteresis loops form backbone curve (34). It simply states that the

unloading and reloading branches of the loop are the same backbone curve

with both stress and strain scales expanded by a factor of two and the

10
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origin translated. After the stress reversal, the tangent modulus at

the tips of the loop is equal to G x. The backbone curve is expressed

in several mathematical formulations which include bilinear (Figure (5))

(60), multilienar, hyperbolic (Figure (6)) (19) and Ramberg-Osgood

(Figure (4)) (22) formulations.

In this study, the hyperbolic formulation will be adapted. The

equation of the backbone curve according to hyperbolic formulation is as

follows:

1Y (1)

max tax

where, t is the shear stress at failure.

Damping ratio D, is defined as the ratio of the energy dissipated

to energy input during one cycle of loading. D is computed on the basis

of the area contained within the hysteresis loop, AL, and the equivalent

secant modulus, AT, as shown in Figure (7). The equation for the

damping ratio given by Hardin and Drnevich (19) is:

D = A (2)

417T AT

Systems that satisfy the Masing criterion behave as though they had an

equivalent viscous damping ratio independent of the frequency vibration

at a given shear strain value (19,22).

i Reduction of moduli with Increasing strain amplitude is a major

characteristic displayed by the nonlinear nature of the stress-strain

relationship of soils. In clays, reduction of moduli is generally

Saccompanied by degradation of backbone curve. Concentrating first on

the reduction of moduli aspect, the following figures are presented to

3 illustrate this affect. Figure (8) gives an idealized shear modulus

reduction curve, where by extrapolating the curve to zero strain, the

[ t .
-v ..-- tq
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maximum shear modulus, G can be estimated at the intercept.max

Represented on a semi-logarithmic scale, normalized curves from

Seed-Idriss (48), Stokoe-Lodde (57), and Isenhower (24), show the

variation of shear modulus with shearing strain in Figure (9). Block

samples from San Francisco Bay marine silty clay were tested for their

dynamic properties. Consecutive hysteresis loops obtained for the first

cycle of dynamic loading at different controlled strain levels

illustrates the stiffness reduction as the loops deform and tilt with

increasing strain amplitude (Figure (10)) (22).

Same correlations between shear modulus and shear strain are also

obtained through in-situ dynamic tests conducted and reported by Prakash

and Puri (38) for several sites located in India. The test procedures

included wave propagation tests, cyclic plate load tests, free and

forced vibration tests.

Degradation of backbone curve is typical for dynamic behavior of

soft clays. Progressive degradation of soil stiffness with increasing

number of cycles of loading can be defined as progressive "softening" of

soil. Degradation is known to be mainly a function of the number of

cycles of loading. An early study done by Hardin and Drnevich (19), on

dry, clean graded sand shows hardening of the material with increasing

number of cycles. In Figure (11), taken from Hardin, et al. (19), the

backbone curve for 10 cycles is below the backbone curve for 100 cycles

of loading at the same shear strain amplitudes. On the other hand,

saturated soft clays display softening through numerous experimental

plots of hysteresis loops. Typical stress-strain curves for bilinear

models in San Francisco Bay mud illustrates the degradation of stiffness

with increasing number of cycles (Figure (12)) (60). Another example of

I
! I
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the affect is shown in Figure (13), where the first and the tenth cycle

hysteresis loops, tips of which correspond to the same strain amplitude,

are plotted (22). The experimental data is again obtained from San

Francisco Bay mud, but modeled using Ramberg-Osgood formulation. It is

observed that the tenth cycle backbone curve is below the first.

Degradation affects are formulated using degradation index 6, which

is the ratio of the secant modulus in the N'th cycle (ES)N or (GS)N , to

the initial secant modulus (E or (Gs)1. 6 is a function of number of

cycles N, and is defined as:

6 = N- t (3)

where, t is the degradation parameter. "t" is defined as the slope of

the logarithmic plot of (Es)N versus N. By the following relation it is

also the slope of the logarithmic plot of maximum cyclic stress (Cd)N

versus N:

(Es)N (Cd)N/Ec (ad)N -t

(E) 1  
/c (ad)l

The modified expression used with torsional shear test data on San

Francisco Bay mud is illustrated by the plot of (GS)N versus N for

different peak shear strains in Figure (14). It is observed that

degradation parameter t, is strongly dependent on peak strain amplitude.

Idriss, et al. (22) predicted that it is also essentially independent of

the confining pressure or water content of the specimen. Plotting t

versus peak shear strain, Stokoe observed the variation of t for two

different samples of San Francisco Bay mud (Figure (15)), where

specimen 3 was clayey and specimen 1 was silty material.The variations

in Figure (15) are explained in part by one soil tending to generate

77-'-
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negative pore pressure, thus showing a hardening effect (specimen 1)

while the other tending to g .cate positive pore pressures, thus

showing a softening effect (specimen 3). These effects come about by

the changes in the effective stress state on the soil specimens during

cyclic loading. I0riss, et al. (22), readjusted the Ramberg-Osgood

formulation to prouuce series of degraded backbone curves for different

values of degradation index 6 , for San Francisco Bay mud soil. As

observed from Figure (16), the backbone curve shifts down and flattens

progressively with increasing values of 6

Degradation affect diminishes with increasing number of cycles.

The major decrement in the stiffness of the material comes about during

the first 10 cycles of loading. Figure (17) illustrates this

observation affectively, where the modulus reduction curves of a

bilinear model for different number of cycles are given.

Therefore, one can predict a reasonable value of number of cycles

at which the material can be assumed to have reached a steady state

condition with insignificant degradation of stiffness. Verification of

this assumption can be shown quantitatively through a simple calculation

of percentage decrement of shear modulus as the number of cycles are

increased. Referring back to Figure 14, it is observed that the total

reduction in shear modulus ranges from 11.0 to 0.7 percent based on its

initial value, up to 500 cycles of loading for maximum and minimum peak

strain amplitudes, respectively. About 85 - 90 percent of the reduction

is completed by the time the material undergoes its 100th cycle of

loading. In determining the dynamic properties of soils from laboratory

tests, one can obtain a hypothetical stress-strain curve, so that the

tips of all strain-controlled hysteresis loops at the steady state
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condition would end on the same curve. The steady state condition, in

this case, is defined as the condition at which the material no longer

experiences significant stiffness reduction with increasing number of

cycles of loading. Degradation of stiffness is observed to gain more

importance at high amplitude strain levels (strains greater than 0.001

percent). Unless one can measure the dynamic properties accurately at

the first cycle of each strain-controlled hysteresis loop, as the strain

levels are progressively increased during cyclic loading, one has to

take into consideration the degradation of stiffness effects. For

practical purposes, the steady-state condition assumption may serve to

obtain an approximate hypothetical stress-strain curve. In order to

define limiting criteria or correction factors for the assumption, a

degradation study that would help to obtain the order of magnitude of

stiffness reduction based on number of cycles of loading, becomes

necessary to conduct. Several numerical solution techniques consider

the degradation of stiffness effect in soft clays under cyclic loading.

A recent finite difference technique namely DETRAN, developed by Tsai,

et al. (61), includes an algorithm for describing the progressive

softening of cohesive soils under high amplitude cyclic loading. The

technique is originally developed to predict the seismic response of

cohesive marine soils, under earthquake induced loading.

Damping of soils under cyclic loading is the second important

dynamic property besides moduli of soils. The relation defining damping

is given by equation (2). Damping, like stiffness, is strongly

dependent on strain amplitude. In Figure (10), the tilting of the

hysteresis loops are accompanied by the enlargement of the area they

enclose, as the strain amplitude increases. Since damping, by

/ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ A _ _.= .:__.. ... ...':,VLL i.o., .i.__ -:
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definition, is related to the ratio of the area enclosed by the loop to

the area under the secant modulus line, the strain dependence of damping

is readily observed from Figure (18). The figure summarizes the

normalized damping ratio variation with shear strain from the works of

several different investigators. Opposed to the trend of stiffness

moduli, damping ratio of soils increases with increasing strain

amplitude under cyclic loading. In most of the dynamic tests, it is

observed that damping ratio stays independent of strain up to a

threshold range. That value of damping ratio which is independent of

strain and corresponding to the low strain amplitudes (below 0.001

percent) is the minimum damping ratio, Dmin of the soil being tested.

Damping response is one of the important factors that must be

included in all dynamic analysis of soils. The damping of soils vary to

some extent with depth and lateral distance from the source of

excitation. Therefore, Seed, et al. (49) utilized the variable Rayleigh

Damping Method to include the effets of depth and laieral distance in

soil medium in a numerical analysis for earthquake type of dynamic

loading. Rayleigh Damping method utilizes the stiffness and mass of a

system to express damping as a linear combination of those two

properties of the system. The following equation, in matrix notation,

defines this relation,

(C) -=a[M] + 0[K] (4)

where

[C] - damping matrix

[MI - mass matrix

[K] - stiffness matrix

i: . .. . . - -" . . - w = "- ~ T
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a and 8 are constants expressed in terms of minimum material damping

ratio Dmin, and corresponding fundamental frequency w min' of the system.

Using a modal analysis Seed, et al. and Lysmer (49,29) expressed damping

ratio, D, as a continuous function of frequency,W , where:

D(W) 1 (2+ wa ] (5)

This function has a minimum at,

W (6)min

and the minimum value is,

Dmin m / - t (7)

Equatiors (6) and (7) can be solved for a and 8 as follows:

a D W
mmn  mmn (8)

8 D /w
mmn mmn

Substitution of equation (8) into (5) yields:

D(W) l(min + Dm (9)

where, wmin is defined as the fundamental frequency of the system.

If the fundamental frequency of the system is much lower than the

frequencies which are of interest for system response, equation (9)

would lead to significantly high damping values at these high

frequencies. This outcome constitutes a contrast with the general

observation that the soil damping ratios vary only slightly over a range

of high frequency response (corresponding to low strain-amplitude

*response). To avoid this deficiency, a and B can be computed using

equation (5) such that the damping equals the desired damping at two

different frequencies, and solving the two equations simultaneously.

Another method of introducing damping response of a system under

cyclic loading in a numerical analysis is Complex Response Method. In

a
I
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this method damping is included through the use of complex stiffness

matrices, [E*] or [G*I. These matrices are formed exactly like

real-valued matrices except that complex moduli are used, where,

G* = G e 216 . G(cos 28 + i sin 28) (10)

E* a E e 2i8 -E(cos 2 + i sin 28) (11)

i and

D - sine = e 
(12)

The use of complex moduli leads to effea ive damping ratios which are

frequency independent and this method serves to simulate the observed

damping behavior of soils better than the previous method (45,29).

2.2 THEORETICAL CONSIDERATIONS IN WAVE PROPAGATION ANALYSIS
AND MEASUREMENT OF DYNAMIC PROPERTIES

In order to evaluate the dynamic response of soils during cyclic

loading as earthquake, ocean-wave or vibratory machine loading with

stability requirements such that very small displacements could be

permitted, dynamic measurements of soil properties must be conducted.

Dynamic tests which are done both in-situ and in laboratory employ the

same principles of theory of wave propagation. Next discussion will

provide information about wave propagation analysis in elastic media

(42).

2.2.1 Wave Propagation Anaysis in Elastic Media

Infinite elastic media can sustain two kinds of waves which

represent different types of body motions and that travel at different

velocities. They are dilatational (primary, P, compression,

irrotational) waves, and distortional (secondary, S, shear,

equivoluminal) waves. The propagation velocity of a dilatational wave

in an infinite elastic medium is given by the following formula
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Vp A 2 G (11)

where p is the mass density of the medium and,

PJ E (12)
(1 + )(1 - 2 (12)

where p is Poisson's ratio, and E is Young's Modulus.

The propagation velocity of a distortional wave in infinite elastic

medium is

v -/-T-- (13)s

In order to understand these velocity terms more thoroughly, one has to

analyze the equation of motion in elastic media. In problems of wave

propagation, it is instructive to start with the specific problem of

waves in bounded medium in order to develop a general solution (42).

The equation of motion in various forms of physical systems subject to

vibration is called the "wave equation", and it is expressed by

a2u 2 D2u
= x (14)at2  9x2

where u is the displacement along the longitudinal axis of the rod, and

V is the wave-propagation velocity. To simulate a bounded medium, an

elastic rod with cross-sectional area A, will be considered. Three

independent kinds of wave motion are possible in rods. They are

longitudinal, torsional and flexural motions. The longitudinal and

I torsional motions result in typical wave equation, therefore only those

two will be considered here.I
SLongitudinal waves. An infinitesimal transverse section, Ax of an

elastic rod experiences stress a on a transverse plane at x, and stress

[ *y + Oxx)X] on a transverse plane at (x + x), as shown in

3 Figure (19). Using Newton's Second Law:

I
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ar,

Figure 19. Longitudinal Vibration of a Rod (from Richart,et al. (42))

I

7777T+ -, ax
LXx

Figure 20. Torsion in Circular Rod (from Richart,et al. (42))
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xo xz
AO +'  [ + + tT X c A] A - F (15)

where

F = ( p A A x) - (16)

Substituting (16) into (15), and rearranging:

iax 2 o L (17)
at

where

aox _---[ ] 2
ICTxE- - E-L (18)a x a x ax 2 2ax

Substituting (18) into (17), and rearranging:

a 2u _ E au (19)
at 2  P ax

2

Substituting equation (19) into equation (14),

V VT p (20)

where V is the longitudinal wave propagation velocity in an elastic
c

rod.

Comparing equation (20) to equation (11), it is readily observed

that the dilatational waves--in the case of elastic rod longitudinal

waves--travel faster in infinite media then they do in a rod. This is

because, in infinite media there are no lateral displacements, but in a

rod they are possible.

Torsional waves. The torque on a transverse section of a rod

produces an angular rotation 8, as shown in Figure (20). Torque is

expressed by the following formula,

T - G I(

p ax (1

where Ip is the polar moment of inertia of the cross-section, and G is

the shear modulus. Torque due to the rotational inertia of an elementI
S I
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of rod of length6x is

T - pp Ax-a (22)

Using Newtons Second Law:

aT a
- T + [T + -Ax] - plI Ax (23)

Substituting equation (21) into (23) and rearranging:

a o a2e
G 2 (24)

at2  pax2

Comparing equations (24) and (14), the relation for torsional wave

velocity is derived,

v - 77 (25)s

where V is the torsional wave propagation velocity. At this point, ones

observes that the distortional waves--in the case of elastic rod

torsional waves--travel at the same speed in an elastic infinite medium

as they do in an elastic rod.

In elastic half-space there is a third kind of wave possible which

was first studied by Lord Rayleigh in 1885, and later analyzed by Lamb

in 1904 thoroughly. It is called the Rayleigh or R-wave and is confined

to a zone near the boundary or the surface of the half-space. Some of

the characteristics of Rayleigh waves are as follows:

1. Their influence decrease rapidly with depth.

2. Velocity of R-waves is independent of frequency and it is

nearly equal to the velocity of distortional waves.

3. R-waves are nondispersive and propagate radially outward along

a cylinderical wave-front.

4. R-waves are the most powerful of all three types of waves.

They constitute 67 percent of the total energy that generates

the waves.

!M
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Both dilatational and distortional waves encounter an increasingly

larger volume of material as they travel into the half-space, thus the

energy density in each wave decreases with distance to the source. This

decrease in displacement amplitude is called geometrical damping. The

amplitude of P (dilatational) and S (distortional) waves decrease in

proportion to the ratio 1/r outward into the half-space, and 1/r2 on the

surface, r being the distance from source. On the other hand, the

Rayleigh wave displacement amplitude decreases in proportion to the

ratio i/v7. Therefore, Rayleigh waves can travel longer distances

without experiencing the geometrical damping effect as strong as the

other two wave types experience.

2.2.2 Dynamic Testing Methods to Evaluate
the Dynamic Moduli and Damping
Characteristics of Soils

The major soil properties used in soil dynamics are (64):

1. Dynamic Moduli - Young's Modulus, shear modulus, bulk modulus

and constrained modulus

2. Poisson's ratio

3. Damping and attenuation

4. Liquefaction parameters - cyclic shearing stress ratio, cyclic

deformation, and pore pressure response

5. Shearing strength in term of strain-rate effects.

Some of these are best measured or studied in the field, others in the

laboratory and some can be measured in both laboratory and in-situ.

SAmong the parameters listed above, shear modulus, damping and cylic
deformation are the three important characteristics that are of interest

to this study. All three parameters have been discussed in general in

£ the previous section of this chapter. In this subsection, evaluation of

I
....... - . . . " - -- -''-" -' ... ! I ll .. . . ° . - ----- - - ' .' -2 ,,

' -
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shear modulus and damping will be discussed in detail, since they are

the two parameters measured in the dynamic testing phase of this study.

An important consideration of water propagation analysis in soils

is the effect of fluid phase of soil matrix on wave velocity. The

temperature and salinity of the pore water are the side factors that

influence the analysis also. A theoretical study which treated the

wave-propagation in a fluid-saturated porous medium, showed that the

presence of the fluid exerted an important influence on the dilatational

wave velocity but produced only a minor effect on the distortional or

shear wave velocity (9). The fluid effects the shear wave velocity only

by adding to the mass of the particles in motion. Therefore, it would

be satisfactory not to consider the saturation effects in measurements

of V or G in soils. With one of the moduli evaluated through dynamic
5

analysis, the other moduli can be estimated by equation (26), with a

calculated or even assumed value of Poisson's ratio, 1.

E - 2 (1 + 11) G (26)

In an extensive study done by Cunny and Fry (12) on dynamic in-situ and

laboratory moduli measurements and their comparison, it is suggested

that Poisson's ratio can be calculated using the following equation,

2V 22
11M 2 -(27)
2 (V - 1)

r

where

V
V =C (28)r V

S

where, V is the dilatational wave velocity determined throughc

conventional in-situ refraction seismic techniques, and V is the shear
s

~wave velocity determined by in-situ dynamic tests.

ii
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The common in-situ dynamic testing methods to evaluate shear

velocity of soils include shear wave refraction method, steady state

subsurface vibrations (Rayleigh wave method), up-hole and down-hole

method, and cross-hole method. Since it is not of interest to this

study reported herein, no discussion on in-situ dynamic measurement

techniques will be presented. However, the comparison of the in-situ

measurements with laboratory measurements stand out to be an important

factor in dynamic soil testing methods. As reported by Cunny and Fry

(12), the difference between in-situ and laboratory moduli range from

+50% to -50%, and this generalization seems to hold for either

undisturbed or remolded, cohesive or cohesionless materials. This

conclusion was made after a large number of samples from 19 different

sites and various depths were tested in laboratory utilizing resonant

column apparatus, while a series of in-situ Rayleigh Wave Vibration

tests were conducted at the same sites.

2.2.2.1 Resonant column test of soils

The resonant column method was conceived by Ishimoto and lida in

1936, and was first employed by lida (23) to study the wave propagation

in vertical columns of sand set into longitudinal or torsional

oscillations. The frequency at "resonance" and the height of the

specimen provided the information for calculation of the wave velocity.

During the decade following Ilida's tests, little published information

was available on the evaluation of soil properties by resonant column

method. By the mid 1950's, the device picked up interest and has been

used since for both research and routine soil evaluation, (e.g.,

U Shannon, Yamane, Dietrich, 1959; Wilson and Dietrick, 1960; Hardin and

Richart, 1963; Hardin and Black, 1968; Hardin and Drenevich, 1972;

U
NO!-7
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Drenevich, 1977; Anderson and Stokoe, 1977; Stokoe and Lodde, 1978;

Stokoe, 1980).

The resonant column test for determining moduli and damping of

soils is based on the theory of wave propagation in elastic rods. In a

resonant column apparatus, the sample response is monitored for a range

of frequencies of both longitudinal and torsional modes of excitation

to determine the resonant frequency of the soil specimen. The modulus

is computed from the resonant frequency and the geometric properties of

the specimen and driving apparatus. Several versions of the resonant

column test are possible using different end conditions to constrain the

specimen. These end conditions are free-free, fixed-free and

fixed-fixed type of boundaries. The resonant column apparatus--later to

be described in detail in methodology phase--employed in the dynamic

experiments in this study was a fixed-free end type of apparatus.

Therefore, only fixed-free end condition type of test and its

modifications will be discussed.

The solution of the wave equation for finite rods of various

boundary conditions is given as follows (42),

u = U (C1 cosWn t + C2 sinwn t) (29)

where

U - the displacement amplitude along the length of the rod

C1,C2 f= amplitude constants

w n - the circular frequency of a natural mode of vibration

Substituting this solution into the wave equation (equation (14)),
x wn x

U C 3 cosn--+ C4 sin n (30)

where V is the wave propagation velocity, and x is the longitudinal axis

of the rod.
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The normal modes of vibration in a fixed-free end condition rod is

given in Figure (21). At the fixed end of the rod the displacement U,

and at the free end the strain aJ/K, is zero. Using these two boundary

conditions, the expression for displacement amplitude is derived (42),

n X
* U C sin- (31)

n 4 V

where

n 2 k
whre amliue fth snfucio,2)sh

Substituting (30) into (29)

Un  C4 sin 2---x (33)

where, C 4 is the maximum amplitude of the sin function, n is the number

of the harmonic, k is the length of the rod. The first three harmonics

derived from equation (31) are shown in Figure (21).

Major problems came about with resonant column technique when

driving and motion monitoring instruments were attached to the specimen

in order to excite and measure the corresponding response. These

attachments naturally altered the specimen boundary conditions. The

problem was solved when these attachments were lumped into a mass at the

free end of the specimen. This configuration, while compensating for

the attachments, also turned out to be advantageous for Drnevich in

1967, as he was able to obtain uniform strain distribution throughout

the length of the specimen. Figure (22) illustrates the difference in

the angular rotation, 0 distribution in a fixed-free end rod, and a

fixed-free end rod with a mass attached to the free end. The 1/4 sine

wave distribution of 0 reduces considerably to almost a linear distri-

bution when a mass with mass polar moment of inertia, Jos is attached to

the free end of the rod with mass polar moment of inertia, J (64).
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(a)

SUt=C4 sin W (n1l)
_C4 v

U2 =CI Sin 2T1 (n=3)

C4 U3 =C4 sin (n-5)

(b)

Figure 21. Normal Modes of a Fixed - Free Rod
(from Richartet al. (42))

",V @If~) 8 U1 )

1/4E WAVE/

Jj." b. JIj. 0.5

Figure 22. Schematic of Resonant Column End Conditions
(from Hardin (17))
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Previous equations for fixed-free end condition need to be modified

to apply to the mass-attached case. The derivations are presented for

longitudinal excitation and eventually modified for torsional

excitation. In longitudinal excitation displacement is zero at the

fixed end, but at the free end a force is exerted on the rod which is

equal to the inertia force of the concentrated mass.

-u u2
F - AE - -m a (34)

at

where A is cross sectional area, E is the Young's Modulus of the rod,

and m is the mass of the attachment. Differentiating equation (29), and

substituting into equation (34), gives:
au 2

AE U  m W2 U (35)ax n

Finally, substituting U from equation (31) at x £ and V - Vc. the

following relation is obtained

AE -- w m sin- n (36)
AEc c c

This equation, by proper manipulation, can be reduced to

W -V tan --V - (37)
c t

where

Aly -f weight of the rod

W - weight of the attached mass

For tortional excitations, Aky/W ratio is substituted by J/Jo and V is

substituted by Va. Then the corresponding equation comparable to

equation (37) is

wi n E wt- n tan n (38)

o 8 a

For convenience, the right hand side of equation (38) can be written as

(S tans ) where $ w" ng/V. Equation (38) is solved by plotting a c,.,ve
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of 8versus J/Jo. With the proper value of 8 , wave velocity Vs, can now

be written as

2 ir f
V = n (39)

where f is the natural mode frequency of the rod. Substitutingn

equation (39) into equation (25), and rearranging, an expression for

shear modulus G is obtained

G -p [ 2 2 (40)

It is important to note that f is the natural frequency measured at

resonance in a resonant column test.

At this point, it is beneficial to include a brief section on

vibration formulation and resonance of systems, before moving further

into the discussion of measurement of dynamic moduli employing resonant

column apparatus. The equation of motion for a viscously damped

single-degree-of-freedom system under forced vibration is given as (42),

mi + ci + kz - Q sinwt (41)

where

m - mass, c - damping, k - stiffness of the system

z - displacement

Q0 = amplitude of harmonic force

W - circular frequency

This system approximates closely the properties of many real systems. A

schematic diagram of the idealized system is shown in Figure (23a). The

solution to equation (41) is

z - A sin (wt - ) (42)

where, A is the displacement amplitude and 0 is the phase angle between

the exciting force and displacement vector. Differentiating equation

i Ij
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TA sin wt-~

(a) System. Nb Motion Vectors. (c) Force Vectors.

Figure 23. Forced Vibrations of a Single-Degree-of-Freedom System
With Viscous Damping (from Richart,et al. (42))
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Figure 24. Response Curves for a Viscously Damped Single-Degree-of-
Freedom System (from Richart,et al. (42))
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(42) with respect to time twice, velocity and acceleration vectors are

obtained. The motion and force vectors are shown in Figures (23b) and

(23c). Summation of the force vectors in the horizontal and vertical

directions give two equations that can be solved simultaneously to

obtain the unknowns, A and 0 in equation (42). Solving for A and ,

than substituting damping ratio D, and natural circular frequency,w n'

given as

w -1 k/m or f - 1/2Wk/k m (43)
n n

and

D - c/cc  (44)

in which c is the damping coefficient and c is the critical dampingc

coefficient

c - 2vm (45)c

the following relations are obtained

M I (46a)
Qo 2 2 w ]2

I- [- 4- + [2D -1

n n

2D -

tan n (46b)
(-)2

n

in which, M is called the dynamic magnification factor. Plots of these

equations for various values of D are given in Figure (24). These

curves are referred to as constant-force-amplitude excitation response

curves for steady state vibration, where Q is a constant, independent

of W.

It is observed from Figure (24a) that as the exciting force

frequency, w, approaches to the natural circular frequency Wn, the

magnification factor M peaks to a maximum value denoted by H max . The

maxS

... -- . .. .. . .. -- .'
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frequency at this maximum amplitude of displacement will be referred to

as the resonant frequency and is given by the expression

f a f /1 - 2D2  (47)
m n

Resonance of a damped system occurs at a frequency slightly less than

the natural frequency of the system, as observed by equation (47). On

the other hand, resonance of an undamped system occurs exactly at the

natural frequency of the system, with the amplitude of the motion

increasing without bound. The value of M at the resonant frequencymax

fro ,in a damped system is given by

M m (48)

max 2D A D2

while the value of Mmax at resonance in an undamped system is undefined,

that it is infinitely large. Figure (25a) illustrates the response

curve for an undamped system ideally represented on the corner of the

same figure.

The phase angle between the exciting force and displacement vector

is also different for the two cases of forced vibration of a

single-degree-freedom system. In the damped system all the response

curves merge at one point where w - W and the corresponding value
n

is w/2 (Figure (24b)). In the undamped system, at W - Wn, there is an

instantaneous increase of 0 from 0 to 7r . Therefore, for W < w the
n

exciting force is in phase with displacement, and for W > )W the
n

exciting force is 180" out of phase with displacement. The phase

difference is 90" for the damped system.

Internal damping of systems is associated with the magnitude of

their ability to dissipate energy. Earlier, damping ratio of materials

was defined as the ratio of the energy dissipated by the system to the
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r TA sin (&of- P)

o 0.sinlwt

I.

o 0 0 (1. "0

Figure 25. Dynamic Magnification Factor and Phase Angle Between Force
and Displacement of an Undamped Single-Degree-of-Freedom
System (from Richartet al. (42))
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Figure 26. Free Vibrations of a Viscously Damped System
(a) Overdamped (b) Critically Damped (c) Underdamped
(from Richart,et al. (42))
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excitation energy exerted on the system. The higher the dissipative

character of the material, the higher the damping ratio associated with

-t it. Another analytical formulation for damping ratio is expressed

through equations (44) and (45). Natural systems are either overdamped

or critically damped or underdamped in response to vibratory

excitations. In overdamped response the displacement of the system

decrease exponentially without change in sign, as shown in Figure (26a).

In underdamped response, the motion is oscillatory and decay in

amplitude with time, as shown in Figure (26c). The critically damped

response occurs when the damping coefficient of the system, c, satisfies

the condition of motion so that there is only one possible sign change,

as shown in Figure (26b). That value of c is called the critical

damping coefficient cc and is expressed by equation (45). Referring

back to Figures (24) and (25), it is observed that at low damping ratio

values, the damped system responds like the undamped system, that is it

experiences resonance at the natural frequency of the system. Another

important observation is made through equations (47) and (48) where for

D - l/ /-and fm 0, Mmax is 1.0 corresponding to a static response.

Two methods are available for measuring damping ratio in a resonant

column apparatus. They are amplitude decay method and magnification

factor method. Both give essentially the same results but the latter is

simpler and quicker. Magnification factor method relies on the similar

* Ibehavior of undamped and damped systems at low damping ratios (D< 0.1)
which in turn corresponds to low shear strain amplitudes (y < 0.001).

This method was utilized to measure the damping ratio values in the

1 experimental phase of this study. Therefore, it will be discussed in

detail in the methodology phase. The amplitude decay method being less,~
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practical than the magnification factor method, is generally used for

occasional spot-checking in resonant column analysis. With the

apparatus vibrating at the resonant frequency, the power to the

excitation device is cut off and the decay curve for the free vibration

of the specimen is recorded. Figure (27) shows a typical

vibration-decay curve obtained from resonant-column tests of Mississippi

Delta marine sediments.

The decay of free vibration of a single-degree-freedom system with

viscous damping is described by the logarithmic decrement, 6 , which is

defined as the natural logarithm of two successive amplitudes of motion,

.1 and z2, and given by,

6 = ln 1_ 2D (49)
1 - D

Typical relations of G and D with shear strain amplitude, obtained

by resonant column tests were given in Figures (9) and (18),

respectively. In these tests cylindrical specimens were excited

torsionally, G and D values at each strain amplitude were calculated

employing the measured resonant frequency, the geometric properties of

the sample and apparatus, and the theoretical principles discussed

above. Hardin and Black (18) have indicated several parameters which

exert an influence on the shear modulus of soils in the form of a

funtional relation for G,

* G - f (%, e, H, S, To, C, A, f, t,V, T) (50)

where

Go a effective octahedral normal stress (average effective
+0

confining pressure

e - void ratio
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Figure 27. Typical Vibration - Decay Curve from Resonant Column Test

(from Mississippi Delta Sediment Specimen Test)

* I
I
I
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H - ambient stress history and vibration history

S - degree of saturation

C - grain characteristics, grain shape, grain size, grading

minerology

To octahedral shear stress

A = amplitude of strain

f - frequency of vibration

t = secondary effects that are functions of time and magnitude of

load increment

V - soil structure

T = temperature

Among the parameters listed above, the effective confining pressure Got

strain amplitude A, ambient stress history and vibration history, H, and

void ratio, e, are known to be the major parameters that exert

significant influence on shear modulus of cohesive soils. The

insignificant effect of saturation on shear wave velocity thus shear

modulus measurements was discussed earlier. Several investigators found

that (42), frequency of vibration had no measurable effects on G for

frequencies less than about 2500 Hz. The other parameters listed in

equation (50) still need to be studied extensively to pinpoint their

influence on shear modulus of cohesive soils. Some of the parameters

listed in equation (50), if not all, can also be considered as

parameters influencing the damping nature of the soils. The variation

trends of shear modulus, and damping ratio with strain amplitude are the

most consistent results of resonant column tests. A recent study done

by Stokoe (55), involves the resonant column testing of San Francisco

Bay Mud samples. Figures (28) and (29) illustrate the influence of

NIPPO
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Figure 28. Variation in Normalized Shear Modulus With Shearing Strain
and Effective Confining Pressure (from Stokoe (55))
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Figure 29. Variation in Dampi.ng Ratio With Shearing Strain and
Effective Confining Pressure (from Stokoe (55))
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confinement of the specimens, on the dynamic shear modulus, and damping

ratio, respectively. It is observed from the figures that the shear

modulus increase while the damping ratio decrease with increasing

effective confining stress, C0.

The number of curves for different confining pressures in Figures (28)

and (29) can be reduced to a single curve by normalizing the shear

strain with reference strain, Yr' as suggested by Hardin and Drnevich

(19). Reference strain is defined as the ratio of T to G , in amax mx

hyperbolic stress-strain relationship.

7
= max (51)Yr G 51

max

where T was defined by equation (1) in Section 2.1. Figure (30)
max

illustrates a normalized plot of G versus y, using y for normalizing

parameter of Y, by Hardin and Drnevich (19). The samples tested were

from 14 different sites of both cohesive and cohesionless nature and

they were obtained from different depths.

Tests of cohesive soils have shown that stress-history effects can

be an important factor in response to vibratory loading. However,

additional tests have indicated that some of these effects may be

"shaken out" by a few cycles of high amplitude loading. Drnevich, in

1967, determined that a prestrain amplitude of 10-4 or lower did not

induce significant stress-history effects on G at low amplitude

vibrations.

Empirical formulas to estimate the maximum shear modulus of soils

serve as a means of checking the value of Gmax obtained using the

experimental curves of G versus y. The well known formula developed by

Hardin and Black (18), is equally applicable to cohesive and
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cohesionless soils and takes into consideration the affects of void

ratio, stress history and effective confining pressure.
9

x  1230 (2.973 - e) K 0.5 (52)G ma(13 + e) -(OCR)K 0 52

where

and 5° are in psi

e - void ratio

OCR - overconsolidation ratio

K = constant value of which depends on plasticity index, PI, of

the soil

Various empirical formulas defining damping in terms of logarithmic

decrement, 6, employ viscoelastic models. Hardin (17) using a

Kelvin-Voight model formulated the following relation in which U is the

viscosity of the soil

S [- (53)

Use of complex shear modulus, assuming the soil to be a linear

viscoelastic solid is another analytical procedure to obtain damping

relation which was discussed in part in Section 2.1. The complex shear

modulus, G*, is considered to be composed of a real and an imaginary

component, each of which is a function of frequency,

,*() - Gl(w) + i G2(ta) (54)

where G1 (w) is the elastic component and G2(w) is the viscous component.

The angle by which the strain lags the stress in a soil sample

undergoing sinusoldal excitation is 6L' which is given by

3i G2
tan L =  (55)

and it is related to the logarithmic decrement, 6 , as

t6 tan 6 L (56)

!I
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(from Hardin,et al. (19))

BALL KAOLINITE 50

C.,

V-r6 DU o. AG

~~~~A 001 (t/ 1  &DE To CHANGE
zIN VOID RATIO 30 2

za C 2

PRIKARV CONSOLIDATION - CI TERM TI:E

2 0.5

C2

61 1 .0

To, 102103 10

DUATO OFCNIEET5*MN

Figue 31 TyicalModlus nd eigh ChagesWithTim forCla
atCntn ofnn rsue(rmAdroita.()



51

However, the use of complex modulus approach for dynamic situations

involving large amplitude vibrations is not recommended by Richard, et

al. (42).

Having discussed the general aspects of dynamic testing and in

particular resonant column testing, this section will be completed with

a brief discussion of the general problems encountered in resonant

column testing. As in most tests, calibration and operation of the

instrument as well as the integrity of the sample and appropriate

confining stress are the major factors that influence the results. In

resonant column testing particularly, other problems are encountered

which are in terms of "time effects", stiffness of the specimen and,

coupling between the specimen and end platens for torsion (for end

platens refer to the description of the apparatus in the methodology

section). If the stiffness of the specimen and the apparatus parts are

nearly the same, then the possibility of those parts deforming during

the test would introduce errors in the measurements made on the

specimen. Likewise, if complete coupling between the end platens and

the specimen is not achieved, then the possibility of slipping between

platens and specimen would introduce further errors in the results.

Both sources of errors would produce lower moduli values and higher

damping values than actually exist. To overcome the slipping affect,

end platens with embedded razor blade vanes are utilized (13). The

stiffness of the specimen in torsion is given by

Ktorsion = 7d4 G/(32 L) (57)

where d, L are in inches and G is in pLi.

To reduce the specimen stiffness, readjusting d/L ratio is

sufficient. On the other hand, the problem of deformation of apparatus

I
U
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parts during testing is naturally non-existing when soft specimens are

tested, which will be the case in this study reported herein.

In recent years, attention has been drawn to the fact that "time

effects" can help to account for the difference between moduli obtained

in the laboratory and in the field. In order to determine the magnitude

of time effects, longer-term laboratory tests (on the order of days or

more) must be performed. This procedure, in turn, gives rise to

air-migration through the confining medium and membrane into the

specimen pore space, thus reducing the degree of saturation. This

problem is most critical when the confining medium is compressed air.

Several techniques are useful in reducing the air migration. They are,

coating the membrane with grease on the exterior, and using another

confining medium, such as deaired water, mineral oil or silicone oil.

Influence of duration of confining pressure, termed as "time

effects" earlier, is of fundamental importance in laboratory evaluation

of shear modulus and damping ratio. Various tests on undisturbed

specimens of sands and clays showed that when they were confined at

constant pressures, the shear moduli measured at shearing strain

amplitudes below 0.001 percent (low-amplitude moduli) increased, and the

corresponding damping decreased with time of specimen confinement (1).

This behavior is attributed to the primary and secondary consolidation

of the specimen during the confinement time. Figure (31) illustrates

typical changes in shear modulus and vertical height of the specimen

with time under constant pressure . The time effects are expressed in

two parts. First is the primary consolidation time effect and the

second is the long-term time effect corresponding to secondary

compression of the specimen.
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Anderson and Stokoe (1), through numerous tests with both

artificial and natural soil samples, formulated the following procedure

to estimate maximum shear modulus in the field using the maximum shear

modulus obtained from resonant column testing after the primary

consolidation of a specimen. This procedure is based on studies

predicting that the in-situ modulus is higher than that measured in

laboratory (Stokoe and Richart, (58); Stokoe and Abdel-razzak, (56)).

The ±50 percent difference between the in-situ and laboratory

measurements, as estimated by Cunny and Fry (12), is not taken to be the

criteria in this estimation procedure. Moduli variation due to sample

disturbance is not taken into account, also. The procedure utilizes the

following formula,

Gmax(field) = Gmax(primary) + FA x IG (58)

where

Ga- maximum shear modulus measured at the end of the
max (primary)

primary consolidation, as shown in Figure (31)

F A - age factor for site

IG = coefficient of shear modulus increase with time

F and I are given by the following formulas, respectively

A G

FA - loglo (tc/tp) (59)

where t is the time since start of most recent significant change inc

stress history at the site, and t is the time to complete primary
p

consolidation at site as a result of stress change.

I G AG
1- log 0 (t2 /tl) (60)

where t1 and t2 are times after primary consolidation and AG is the

change in low-amplitude shear modulus from tI and t2, as shown in Figure

(31).
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Observation of equations (59) and (60) shows that the second term

in equation (58) is added to take care of the long term-time effects

estimated to occur in the field. In a dynamic situation such that the

"stress changes are faster than the consolidation of the soil" as in the

case of Mississippi Delta sediments--which is the main interest of this

study reported herein--equation (58), accounting for primary and

secondary consolidation effects in field, proves to be invalid. In the

case of these highly soft and mainly underconsolidated sediments, the

effects of sample disturbance stands to be the major factor to be

accounted for in adjusting laboratory measurements to estimate field

values. However, since it is not possible to prevent completely the

structural reorientation and stress relief to occur during sampling and

specimen preparation, integrity of the results obtained through

laboratory tests of so called "undisturbed" samples would have to depend

on the technique and judgement of the investigator. In the case of

testing the very soft and weak samples of Mississippi Delta, specially,

the judgement and techniques used, could only serve to define a

consistent trend of behavior within the limits of data obtained which is

reproducable under the same conditions.

2.3 CRITICAL STATE MODEL FOR CYCLIC LOAD RESPONSE OF SOILS

Methods for evaluating pore pressure and strength change responses

for fine grained soils under cyclic loading are significantly scarce

compared to methods for coarse grained soils. Increasing concerns about

the behavior of soft clay submarine floors under wave loading brings

about the need to study the pore pressure and effective stress changes

they undergo, as well as the mechanics of their dynamic response.
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Effective stress methods developed by Martin, Finn and Seed (31), Finn,

Lee and Martin (16), Rahman, Seed and Booker (40), Liou, Streeter,

Richart (28), Seed, Martin, Lysmer (50), and a number of other

investigators all evaluate, specifically, volume changes and pore

pressure responses in coarse-grained soils. The major concern of all

effective stress methods used to predict cyclic load response is the

development and/or dissipation of excess pore water pressure expressed

in terms of volume change characteristics of the soil media. High pore

water pressures that lead to low effective stresses are observed to

occur in Mississippi Delta sediments, initially due to the fact that the

deposition is faster than the consolidation of the sediment. Cyclic

wave loading adds to the severity of the condition by inducing volume

change forces and increasing the pore pressures even more. The

progressive pore pressure increase leads to progressive effective stress

decrease and continuous distortion under the static and dynamic load.

This in turn results in a condition that the soil starts behaving like a

"frictional fluid", and flows. In order to predict the volume changes

I which bring about pore pressure build up and softening, a hypothetical

model that applies to cohesive or fine-grained soils must be formulated.

1 Egan and Sangrey (15), developed a model within the framework of

critical state soil mechanics to predict volume change and pore pressure

response of soils under cyclic loading. The model is applicable to all

jsoil types. At this point, it is beneficial to review major theoretical

concepts of critical state soil mechanics briefly, before discussing the

I model that employs these concepts.

1!
I

1,I _
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2.3.1 Concepts of Critical State Soil Mechanics

The basic consideration in critical state soil mechanics is that if

soil or other granular materials are continuously distorted, at some

state of stress and volume, the material will start flowing as a

frictional fluid. During the process of continuous deformation, due to

particle rubbing against each other, some power dissipation occurs,

which is simply defined as "friction". The fully remolded condition of

the soil can be claimed to be the state at which it starts flowing like

a frictional fluid. This ultimate state of stress and volume is defined

the critical state of soil and serves as the base upon which critical

state soil mechanics concepts are built. The problem now reduces to

define the stress and volume change in soil from any initial state to

the ultimate critical state, and/or how much of that total change can be

expected when the distortion process is not carried to the fully

remolded state of the soil.

Critical state is basically defined by two equations (47),

q - Mp (61)

r - v + Aln p (62)

where m, r and X are basic soil property constants, v is the specific

volume, p; is the mean effective stress and q is the deviator stress.

These relations are illustrated in Figures (32a) and (32b),

respectively. The first equation determines the magnitude of deviator

stress, q, to keep the soil from flowing under the mean effective

stress, pl. The second equation states that the specific volume, v,

occupied by unit volume of flowing particles will decrease as the

logarithm of mean effective stress increases. The term "wet" defines

the state of soil which is looser than critical state and the term "dry"
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defines the state of soil which is denser than critical state. The

range of stress states for both cases are indicated in Figure (32b).

When the initial state of soil is wetter than critical during

deformation specific volume will tend to decrease thus creating positive

pore pressures. For the dry case, the specific volume will tend to

increase and create negative pore pressures.

Critical State Soil Mechanics is based on yield criteria and

plasticity concepts, which can be inferred from the discussion above.

Failure of soils by yielding are generally expressed by two well known

yielding theories, Mohr-Rankine and Von Mises criteria. Yield surfaces

corresponding to these criteria are given in Figure (33). The

Mohr-Rankin Criterion is a maximum principal stress theory which states

that the material fails by yielding when the maximum principal stress

exceeds the tensile yield strength or when the minimum principal stress

exceeds the compressive yield strength (62). That is at yielding

, = 'p or a ' c= " (63)
3p yp

where a' and a" are the tensile and compressive yield strengths,
yp yp

respectively. The Mohr-Rankine theory is based on Hvorslev-Coulomb

theory which defines a range of states of failure in the near vicinity

of critical states. Exteiding the basic theory, Mohr-Rankine criterion

predicts the state of stress when the soil continuum is yielding to

failure. Von Mises Criterion predicts that, failure by yielding occurs

when at any point in a body in a state of combined stress, the

distortion energy per unit volume becomes equal to that associated with

yielding in simple torsion (62). The fundamental equation of the theory

is
2 2 2 2

(a 1 -0 2 ) + (a 2 -o 3 ) + (a 3 - a 1 ) 2 2 cy (64)
1 2 2 3 3 1yp
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where C is the tensile strength. It is observed from equation (64)

that since only the differences of the principal stresses are involved,

an equal increase or a decrease in each stress does not effect the

yielding condition. In other words, yielding does not depend upon

hydrostatic tensile or compressive stresses. Von Mises criterion is

also expressed in terms of distortion energy.

W3 1 + v 2 (65)Uod 2 E ' oct

where T oct is the octahedral stress, and in simple tension it can be

expressed as

TOct = 0.47 (a yp) (66)

The shear stress at yield, T yp is related to the tensile strength, y

by the following equations according to Mohr-Rankine and Von Mises yield

theories, respectively (62).

T W a (67)
yp yp

T - 0.577 (ap) (68)
yp yp

Materials capable of undergoing an appreciable amount of yielding

or permanent deformation are regarved as ductile, if they suffer only

small yielding before failure they are regarded as brittle materials.

Most brittle materials exhibit greater resistance to compression than to

tension. Therefore, a" is larger than a' . The ductile materials
yp yp

exhibit a characteristic s~re -thening called strain hardening as the

loading is increased beyond yield. Experiments show that for ductile

materials, shear stress at yield, obtained in torsion tests, are on the

order of 0.5 to 0.6 times the tensile stress at yield obtained in simple

tension tests. Equation (68) derived by assuming equal tensile and

compressive yield strengths, seem to agree with the experimental results

for ductile materials the best. Therefore, one can correctly conclude
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that Von Mises yield criterion in the most suitable formulation to

express the nonlinear stress-strain behavior of soils with one major

assumption that the soil is of ductile nature and/or I' is equal to
yp

a'p. Then yield strength can be denoted by a single term, a
y% yp*

Two of the basic critical state soil mechanics models are

Granta-Gravel and Cam-Clay. The first represents an ideal rigid-plastic

continuum, while the latter represents an ideal elastic-plastic

continuum. For the purpose of the study reported herein, the

elastic-plastic continuum model will be adopted since it represents the

stress-strain and volume change behavior of clays. A typical critical

state yield surface in three dimensior.al sketch is given in Figure (34).

An elastic-plastic material, in a state of stress within the boundaries

of the yield surface is considered to behave elastically, and outside

the boundaries it is considered to deform plastically. In addition to

illustrating the main difference between Granta-Gravel and Cam-Clay

models, Figure (35) aids to understand the stress-strain and volume

change characteristic of the two models. In this figure the yield

surfaces are represented with respect to (p,q) plane, where

01 +2 0 (69)

Po 3

and

q no -Y (70)

These stress parameters were defined as mean effective stress and axial

deviator stress, respectively, earlier. The tips of yield surfaces

correspond to the isotropic virgin consolidation of the materials under
I

uniform pressure, p= -1 a O2 a o . Cam-Clay displays recoverable,

non-linear volumetric strains, while Granta-Gravel remains at its final

volume state, vo, when the mean effective stress is reversed.

' -: : .. .. . . . . I I .. - ---Now-- -'l
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A representation of yield curves in (p, q, v) space for Cam-Clay is

given in Figure (36). Each yield surface is a curved one to account for

the recoverable volumetric strains. The material displays a rigid

response to any change in shear stress, q, and an elastic (non-linear)

response to any change in mean effective stress, p;, within the yield

surface. If the state of stress falls outside the yield surface

boundaries, then a change of magnitude Av occurs in specific volume of

the specimen, so that it is permanently distorted into a "new" specimen

with a new yield curve of its own. The successive yield surfaces in

Figure (36) represent this effect as the volume of the material change

under increasing value of p. The points, C1, C2, etc. on the same

figure are the points at which the line given by equation (61) crosses

the yield surface. The line that connects these points is called the

critical state line.

Since the use of three dimensional state space is rather

cumbersome, a two dimensional representation will be adopted. Figure

(37) illustrates a typical yield surface and the corresponding

volumetric compression curves for Cam-Clay model. The critical state

line (denoted by double lines), is the projection of the actual state

line given in three dimensional illustration. From Figure (37) it is

observed that point C is the intersection of the yield surface and the

q - Hp line, where M is the slope of the effective stress failure

envelope. Point V, at the tip of the yield curve, corresponds to the

virgin compression of the specimen at pI mean effective stress, and zero
0

shear stress. At the critical state, denoted by point C on yield

surface, the soil specimen reaches to its ultimate state of stress under

shear, where it resists deformation with its minimum strength,

- --
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corresponding to remolded strength. The ultimate shear stress and mean

effective principal stress at critical state are denoted by qu and Put

respectively. Critical state is also defined as the condition at which

the soil deforms continuously with no change in volume, deviator and

mean effective principal stresses. It is the lowest effective stress

condition that can cause failure of the soil for a particular

consolidation stress history, as stated by Egan (14). The termn is the

ratio of q to p at yield under a succession of load increments that

produce continuous yielding and in turn a series of yield surfaces

(refer to Figure (36)). The corresponding volume compression curve

under this constant stress increment is called the peak failure line.

This line usually corresponds to the critical state line for insensitive

remolded soils, as observed by Egan (14). For sensitive soils it falls

between the virgin compression (VCL) and critical state line (CSL).

Note that these assumptions and observations are made for the

elastic-plastic (Cam-Clay) model of critical state soil mechanics

theory.

2.3.2 Critical State Model for Cyclic Loading

Volumetric compression is generally characterized by two curves,

the virgin compression curve and the rebound compression curve

(non-linear elastic response). The virgin compression consists of both

plastic and elastic volumetric strains. Expressing the volume change in

terms of void ratio, e, the fundamental relation for virgin-compression

is given by

e meo- Ain (p/p') (71)

where A is the slope of the straight line portion of the plot of In p

versus e, and eo and p' are the initial void ratio and mean effective
0 0
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principal stress, respectively. The rebound compression is similarly

expressed by

= e - Kln (p/p') (72)
o0

where i is the slope of the rebound curve on semi-logarithmic scale.

In reviewing the critical state model for cyclic loading developed

by Egan and Sangrey (15), the virgin compression curve for an

isotropically normally consolidated scil will be considered and it will

be referred to as IVCL. Similarly, the critical state line and the

rebound compression line, will be referred to as CSL and RSL,

respectively.

An element of soil that is isotropically normally consolidated lies

on the isotropic virgin compression curve, and its initial state is

defined by e0  q and p' where q 0. The soil element is than

subjected to repeated cycles of loading under undrained conditions.

This forces the behavior of rebound curve to be a stress path of

constant void ratio, as indicated by the line segment A-C in

Figure (38a). Assuming that the amplitude of the repeated loading,

q cyc' is equal to the critical shear stress level, quo the soil element

experiences both plastic and elastic work during each cycle of loading.

Figure (38b) Illustrates the cyclic loading with respect to critical

state conditions in p,q space.

Since drainage is not possible during the rapid loading, the volume

change tendencies result in storage of strain energy within the soil

element, which in turn correspond to excess pore pressure buildup. When

the deviator stress, q cyc' is removed, due to fractional increase in

pore pressure, the effective stress migrates to a lower value, as

represented by p1 in Figure (38b). The cumulative result of each

3
U
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migration is the effective stress value at critical state, Puo as

indicated in Figure (38b), or by point C on CSL, in Figure (38a). The

migration of effective stress level comes about by the work of

unrecoverable plastic strain energy. The volume change potential

associated with the total plastic work is defined by I and it is the sum

of all the increments for each cycle. Observing Figure (38a), T can be

expressed by the following relation

r- Kln['po/Pu]  (73)

The total residual excess pore pressure due to the plastic strain is

dur = P; - Pu (74)

or, substituting pu from equation (73)

du =1 - exp (-f7K)I p' (75)
r 0

The maximum excess-pore pressure response is obtained by adding the

elastic strain affects (which are maximum at the top of each loading

cycle and recovered at the end) to the total residual excess pore

pressure. The elastic pore pressure response at the top of each loading

cycle is assumed to be 1/3 of the cycling stress amplitude, q or the

critical state stress, qu. The resulting equation for maximum excess

pcre pressure response after replacing q by (Mx(-i/K)) is
u exp

du (ax  1 - exp (-I/IK) (1 - M/3)) p' (76)

When the soil element is allowed to drain, the accumulated excess pore

pressure will dissipate, the volume of the soil element will decrease by

amount of 7r, so that the new void ratio value will be ef. If the

initial volume of the soil element is given by 1 + eo  the volumetricI0

strain potential, which will be denoted by £v , can be written as

follows. 
l(

Cv -+ (77)

1'0

J3°
4
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Furthermore, if a cylindrical soil specimen of initial volume V.

undergoes a volume change of Av, the volumetric strain, 6v, is given by

6V . Av 6e (78)
V l+e

0

In terms of axial and radial strains, denoted as 6c1 , 61 2, and 6c39

respectively, the same equation can be written as

6v = 6C 1 + 26c 3  (80)

Shear strain, 6y, can also be derived using axial and radial strains

(43),

2 OE(81)
6Y (6E 1 -6C 3)

Rearranging and substituting equation (80) into (81), the relationship

between volumetric stain and shear strain is obtained.

AV
Sy - 6E 1 - 3- (82)

Under constrained boundary conditions where no radial strains are

allowed, as in a conventional one dimensional consolidation test 6 v is

equal to 6E1 , therefore equation (82) reduces to

2
6y - 2 6V (83)

From Figure (38a) and the earlier argument about the volume change

potential being activated when dissipation of pore water pressure is

allowed, one can conclude that

v - e - • -"6e (84)

Through manipulation of equations (77), (78) and (83) one can readily

derive the relation between volume change potential and the

corresponding shear strain of a soil element for one dimensional

consolidation.

2 ___(85)

3 1 +e
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This information will aid in predicting critical state yield

stress-strain parameters and material properties when coupled with the

dynamic analysis data, which is to be presented later in the results

phase of this study.

Volume change potential values and related material properties of

several different clays iucluding San Francisco Bay Mud, are given in

Table 1. The data represent both cyclic as well as static loading

testing programs both of which are equally sufficient to obtain critical

state parameters.

I

I
I
,
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Chapter 3

METHODOLOGY

3.1 GEOGRAPHIC AND GEOLOGICAL INFORMATION
OF SAMPLE SITE

The specimens tested in laboratory for index and dynamic properties

were obtained from a bore hole located near Main Pass of Mississippi

River at a water depth of 10 m. Sampling was done by McClelland

Engineers, Inc., for the geologic and foundation study phase of

investigation conducted for Texaco, Inc. Among the six borings, tee

of them were undisturbed sample borings and the rest were wash I

A number of samples from hole B-6, location of which is given in the

general vicinity map in Figure 39, were donated to LSU Geotechnical

Engineering Laboratory for research purposes. The depth of the samples

ranged from 0.2 m to 110 m. A schematic depth profile for the samples

are given in Figure 40.

Sediments deposited by Mississippi River are advanced seaward from

the river mouth, at a rate of 4 miles in 150 years, as observed by the

movement of 30 ft. contour eastward into the Gulf of Mexico over that

extent of time (30). Great thicknesses of very soft clays below sea

floor are encountered immediately to the east of the boring location in

concern. They are known to accumulate by large-scale delta front

movements in forms of mud flows and turbidity flows. Generally, the mud

flow strata overlie on earlier sedimentary sequence of continental shelf

marine clays that were deposited prior to the arrival of the modern

delta. Mud flow strata are gassy from biogenic methane production and

I
71I
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Figure 39. Vicinity Map for Block 75 Main Pass of Mississippi Delta
(from McCllend Engineers' Geotechnical. Report (30))
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are highly underconsolidated due to the fact that deposition is faster

than consolidation.

Most borings in the region encounter a dense material,

characteristically sand near the depth of 75 to 90 m from mudline. This

formation is attributed to an earlier delta on the continental shelf

that occurred near the end of the Late Wisconsin glacial period. This

early deltaic stratum was encountered at 75 m of depth from mudline in

Boring B-6, as reported by McClelland Engineers, Inc. (30). Presence of

wood and shell fragments both in the sand strata and below 90 m of depth

suggested probable exposure of the shelf during low water stages in the

Late Wisconsin. A highly plastic, non-gassy clay layer is reported to

overlie the sand in Boring B-6 below 60 m of penetration, in the same

investigation. This stratum is composed of continental shelf marine

clays that were deposited during and after the rise of ocean level at

the close of the Pleistocene. The recent deposits of Mississippi Delta,

probably less than 100 to 150 years old, constitute the upper 60 m of

material which is gassy in nature and mostly composed of mud flows.

When the water depths decrease in front of the distributary bar due

to mudflows and turbidity flows that carry sediments to deeper water,

then silt and fine sand are deposited directly onto the seafloor from

river and ocean currents. This deposition process in turn produce a

*layer of stronger material overlying much weaker sediments. The silty,

sandy zone close to the surface is a typical occurrence in Mississippi

Delta front, and is called the "crustal" zone. The shear strength

profiles for Boring B-6, from the investigation of McClelland Engineers

I Inc., indicated this crustal zone to be near 9-12 m of penetration with

a peak shear strength of 14 kPa. The strengths decreased to as little

I

AI



74

MUD LINE SAMPLE___ DEPTH

ELEVTIONFROM MUDLINE
Win -50 3.90 Win

7.56

1:0. 8.7
-10.0 9.40

12.04

16.40

-30.0 28.59

- 31.64

-35.0 34.69

3773
-40.0 40.78

-45.0
46.8

-50.0

-55.0

-60.0 59.07

-65.0

-70.0
71.32

-75.0

-80.0

-85.0

-90.0

-95.0

-100.0
10 1.80o

-105.0 BORING B-6

-110.0 
176

Figure 40. Depth Profile of Boring B-6 and Location of Samples

I7



75

as 5 kPa below the crust zone. Investigation also indicated that the

strength distribution was nearly linear down to the sandy layer around

75 m of depth. Below the sandy layer, stiff to very stiff clay was

encountered starting around 85 m of depth. Extending down to the bottom

of the bore hole (down to an approximate depth of 120 m) this clay layer

exhibited very high shear strength values.

The gassy nature of the samples recovered from the top layer was

suggested by their saturation values of 80-90 percent, which was in

contrast to near 100 percent saturations of the prodelta clays

encountered below 60 m of depth.

3.2 EXPERIMENTAL PHASE

3.2.1 Sample Information and Utilization

Samples were recovered in "hard plastic" tubes of outside diameter

5.74 cm, inside diameter 5.37 cm and an approximate length ef 12.50 cm.

They were sealed tightly on both sides to eliminate drying. Samples

were extracted out of the tubes by manual means, taking great care to

avoid disturbance. Inspite of the careful manipulation, due to their

extremely weak nature, disturbance in form of pealing and shear cracks

did occur on the surface of most samples during the process of

extraction. The disturbance was eliminated to a degree, when the

samples were trimmed to a smaller diameter (3.80 cm), and the top and

bottom portions were cut off to prepare for dynamic testing procedures.

A total of 29 samples were provided from Boring B-6. The depths of

these samples from mudline are given in Figure 40. Out of 29 samples,

22 of them were tested for dynamic and index properties. After being

recovered from the resonant column apparatus, 17 of these samples were

_____ ~U~ -
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subjected to undrained shear strength tests using a triaxial apparatus.

Four of the samples from different depths were used in the consolidaton

study to obtain critical state parameters. Two consolidation tests were

conducted for each sample, one with undisturbed, the other with remolded

sample.

Initially, upon extraction from the recovery tubes, the water

contents of the samples were measured. After trimming and preparing for

dynamic testing the weight and dimensions of the samples were measured

to determine the bulk unit weights. Air dried samples were subjected to

plasticity analysis, in which their liquid limits (wy), plastic limits

(W p) and plasticity and liquidity indices were determined. Specific

gravity tests were conducted on mixtures of air dried samples, each

mixture representing a layer of material more or less homogeneous in

properties. This information was used in consolidation data reduction,

where each consolidation test data was also assumed to represent several

layers of material as one homogeneous layer in the numerical analysis

phase. Finally, a sensitivity analysis was conducted for the upper soft

clay layer, using a laboratory drop-cone apparatus.

3.2.2 Dynamic Experiments

3.2.2.1 Description of the apparatus
and experiment setup

. The dynamic properties of the samples were determined through a

Drnevich Resonant Column apparatus. This apparatus was a torsional

vibration type resonant column, where the samples were subjected to

torsional cyclic loading. Figures 41, 41.A and 42 show the resonant

column apparatus, details and the electronic device setup in connection

to it, respectively.
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Figure 41.A. Details of the Sample Setup and Coil System
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The resonant column apparatus was mounted on a concrete base that

stood 0.45 m from the floor. This massive base helped to keep the

apparatus free of the floor vibrations. A regulated compressed air

supply capable of pressurizing from near zero to 690 kPa (7 bars), was

provided to confine the samples within the column. However, due to

equipment limitations, only a maximum of 414 kPa pressure was available.

This deficiency did not produce serious errors since only 2 of the

samples required higher confining pressures then 414 kPa. Due to fairly

recent installment of the instrument, the system of burettes normally

used to measure volume changes under static consolidation were not

available. Nevertheless, since both confinement and tests were

conducted under undrained conditions, lack of this setup did not

interfere with the testing procedures. A pore pressure transducer

attached to the base of the specimen, and a pressure readout unit

connected to the transducer were provided. This set up was used

occasionally to check the pore pressure response of the specimen under

undrained conditions. A pore pressure reading close to the confining

pressure would suggest the saturation of the sample to be nearly

100 percent. An attempt to measure pore pressure changes during cyclic

loading was unsuccessful, due to the fact that the change in readings

were insignificant in magnitude and did not follow a consistent path for

the long durations of vibration at high amplitude strains (i.e., 1-2

hours at 0.1 percent strain amplitude). The confining medium for the

specimens was distilled water. This choice of medium eliminated in part

the possibility of air migration into the pore space of the specimens

during long term confinement.
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Figure 43 shows the electrical wiring diagram for a typical

Drnevich Resonant Column apparatus. The wave generator is the source of

the power that drives the coils. The device used in this research was a

Tektronix FG 503 model multiple function generator which had sina,

square and triangle waveforms with a frequency range of 1 Hz to 3 MHz.

The sine waveform was used to drive the coils. A frequency dial on the

generator made it possible to fine adjust the frequency at resonance. A

power amplifier of Hewlett-Packard Model 6824A was used to amplify the

low output power of the wave generator. The power input is then

connected to the resonant column apparatus control box, where a switch

on the box controls the power to the driving coils. A Tektronix DM501

Model digital multimeter that measures DC and AC voltage and current is

also connected to the control box. Another switch on the box selects

either the readout of the current (my rms) applied to the driving coils,

or of the voltage output from the accelerometer (my rms) in connection

%.o the specimen response in vibration. The voltmeter was used in the AC

mode. A Tektronix DC504 Model counter/timer was used to either measure

the resonant frequency or the resonant period. It is a digital readout

unit with frequency and period ranges of 0.1 Hz to 80 MHz, 1 Us to

999.99 s, respectively.

The driving coils are mounted on a perman~nt magnet that is in turn

fit and fastened tightly over a cylindrical cap on top of the specimen.

The magnet also houses a rotational acceleration tranducer

(accelerometer). The rotation of the top of the specimen is measured by

measuring the rotational acceleration and then converting to

displacement dividing by (2rf nd2 where fn Is the natural frequency in

Hz. Accelerometer signals are read out from the voltmeter, as discussed
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above. The weight of the permanent magnet is carried by a vertical

spring which in turn is connected to a length change transducer (LVDT)

and fastened safely onto a reference bar at the top of the column. The

length change transducer is a Schaevitz, Type 300 HR Model that has a

linear range of ±0.762 cm. The LVDT is also connected to a separate

readout unit. Since the tests were conducted under undrained

conditions, static length change measurements were not made. Observing

that they were insignificant in magnitude and did not have noticeable

influence on the data, the LVDT measurements were dicontinued after a

number of tests.

The final and the most important electronic device used in

connection to the resonant column is the storage oscilloscope. The type

used in the research was Tektronix Model 5111, with large screen 8 x 10

division display and each division being equal to 1.27 cm. This device

is used to detect the "Lissajous" figure which is an ellipse on the x-y

display at resonance of the specimen. It is also used to estimate

damping of the material by conducting "run-down" or logarithmic

amplitude decay tests on x-time display and storing the image on the

screen which can then be captured on a photographic film. This is done

using a special camera that can be mounted on the oscilloscope screen.

The oscilloscope used in this research had two 5A15N type amplifiers

which regulated the x-y display, and one 5BlON time base amplifier which

regulated the time display.

3.2.2.2 Specimen preparation and apparatus assembly

As soon as a sample was extracted out of its recovery tube, a small

portion was cut off for water content determination. Then it was

trimmed down to a diameter of 3.80 cm and a length of 7.50 cm, on theI
' I
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average (diameter and length of each specimen actually differed slightly

from these average values). After the trimming was completed the

dimensions and weight of the specimen were measured for bulk unit weight

calculation, where
7 Wt 1l
-[ tta 1 (86)

b V wet specimen
total

Then the sample was mounted on the heavy stainless steel base of the

resonant column with outlets to the pore pressure transducer and vacuum.

This was done outside the resonant column device, since the base piece

was removable and provided higher flexibility for fine work. The base

piece was equipped with razor blade embedded porous stones upon which

the specimen was set. The necessity of coupling between the apparatus

parts and the sample was discussed earlier in the theoretical

considerations section. The beneficial results of using razor blade

embedded porous stones for that matter was emphasized. The solid metal

cylindrical cap that was placed on top of the specimen was also equipped

with a razor blade embedded porous stone. Using a membrane expander,

the membrane and rubber O-rings were installed on the specimen. Before

moving and fastening the setup to the resonant column, a stainless steel

split mold was tightened about the specimen with hose clamps in order to

secure the specimen from further disturbances until the apparatus

assembly was completed. After the set up was tightened onto the

resonant column base, the permanent magnet was aligned and fastened onto

the top cap of the specimen. The magnet was then connected to the

spring and the LVDT. Driving coils were installed on the magnet and

checked for any rubbing points between the coils and the magnets. This

check is most important to ensure the free vibration of the magnet

without any friction forces developed that would alter the current,
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acceleration and frequency readings, as well as the shape of the

Lissajous figure essential to determine the resonance condition. At

this point, normally a routine calibration for LVDT readout is

conducted. However, this step was eliminated for a number of experiment

setups due to the reasons stated earlier in this section. After the

completion of the inner installations, the split mold around the sample

was removed and the plexi-glass pressure chamber was placed over the

assembly. The wiring connections were made on the top lid of the

column. The lid was then tightened over the chamber by use of four

vertical rods that extended along the height of the column. Two

O-rings, one at the top and the other at the bottom provided the

insulation of the chamber. Note that the wiring connection for the pore

pressure readout is underneath the base plate where the pore pressure

transducer is attached to the base upon which the specimen is set. The

base in turn sits on another rubber O-ring with the transducer

connection extending out through a hole on the base plate of the

resonant column (refer to Figure 41). The acceleration, current and

LVDT readout wiring connections are made on the top lid. Distilled

water was let in to fill the chamber until it covered the top O-ring of

the specimen through a valve beneath the base plate. The filling

procedure was carefully manipulated so that the water never came in

contact with the driving coils. The water valve was then closed and the

air pressure supply with pressure regulator was connected to the top

lid. Finally, the chamber was pressurized at the desired confining

pressure.

N
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3.2.2.3 Testing procedures

All the samples were confined at their calculated effective

overburden stresses for a period of 24 hours under undrained conditions.

The following list of reasons account for this practice.

1. Failure or yielding of the material in the site is

theoretically assumed to occur under undrained conditions

since rapid cyclic loading of clay--or other granular material

for that matter-- doesn't allow for pore pressure dissipation.

2. The recovered samples are assumed to represent the original

site conditions even though they had undergone significant

disturbance during sampling and preparation procedures. This

conclusion was derived due to the insensitive nature

(sensitivity 1 1-4) of the material (refer to Table 3).

3. In order to determine the maximum shear modulus presumed to

exist in-situ, the sample should not be consolidated.

Otherwise consolidation will naturally strengthen the sample

and result in higher shear modulus values than actually

exist.

However, confining for a period of time under undrained conditions

did also induce strengthening effect on the samples. The confinement

period for several of the samples was extended longer than 24 hours in

order to observe the effect. The strengthening effect can be explained

by a number of assumptions. One of them is that an experimental error

occurred such that complete undrained conditions could not be simulated

and some drainage was inevitable. Another one is that the soil particle

frame transformed gradually from a relaxed structure to a firmer

structure witrhout a net change in the void ratio, under the sustained
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pressure. This change can be attributed to the gaseous nature of the

samples; possible partial saturation effects (indicated by the

saturation values of some samples in Table 9), and electro-chemical

characteristics and complex behavior of the clay-water system. The gas

content and pressure within the pore space is a factor that influences

the mechanical behavior of the clay matrix significantly. Under

4 sustained confinement the gas could go into solution by dissolving in

the pore water thus increasing the saturation. On the other hand the

same process could also bring about some electro-chemical changes within

the clay matrix. Changes in the thickness of the diffuse double layers

and adsorbed water layer due to ion attraction to the clay surface (34a)

thus altering the electrical attraction and repulsion characteristics of

individual particles could result in a possible "thixotropic" behavior.

This in turn would cause the formation of a firmer structural frame with

stronger particle bonds. The influence of temperature changes on marine

clays as observed by Bischoff, et al. (9a) and Fanning and Pilson (15a)

is also an important factor that could account partially for the shear

modulus results of this study. Since it is not within the scope of this

research, no detailed reasoning can be presented at this stage. However

if the "strengthening" or "thixotropic" change is considered to have

taken place, then one can safely assume that confining the samples a

reasonable amount of time would help to "shake off" the sampling and

preparation disturbances significantly. Note that a consistent duration

of confinement (24 hours) was chosen for this study. The confining

pressures for each sample tested are given in Table 2.

At the completion of the confining period, the samples were

subjected to a series of torslinal vibration forces consecutively



88

Table 2

Confining Pressures of Samples
in Resonant Column Test

Depth From Confining
Mudline Pressure, O

(m) (kPa)

0.244 13.79

2.100 17.24

2.980 20.69

3.900 27.58

7.560 51.71

8.470 55.16

9.390 69.00

12.040 75.85

13.350 94.05

16.400 96.53

19.440 124.11

22.500 231.01

28.600 124.11

31.640 137.90

34.680 172.40

37.730 179.30

40.780 200.20

46.880 213.75

59.070 324.08

71.320 413.72

101.800 413.72

107.650 413.72

M E, -
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increasing in amplitude. This was achieved by turning the switch on the

control box to "standby" position and then setting the voltmeter to a

desired power output and finally turning the control switch to "on"

position to transfer the power to the driving coils in the resonant

* Icolumn. The driving coils then set the magnet and the sample into

torsional vibratory motion. Note that the sample was set up so that its

base was fixed and the top end being attached to the magnet was free to

move. Referring back to the discussion on resonant column apparatus

sample boundary conditions in Chapter 2, this situation is observed to

be a fixed-free type of boundary condition and the vibratory motion is

pure cyclic torsion with an angle of twist, e. The undamped resonance

condition is achieved when the ratio of the acceleration at the top of

the sample to that at the bottom of the sample is maximum, and the phase

angle, c, between the sine wave at the top and bottom of the sample

approaches 1800 (refer to Figure 25b). At resonance the oscilloscope

screen displays a figure called the "Lissajous" figure and it is an

ellipse with horizontal and vertical axes coinciding with the x-y axes

of the screen. Figure 44 illustrates a typical Lissajous figure

obtained at the resonance of one of the samples tested. Note that the

ellipse can be distorted due to imperfect apparatus assembly or may

include some vibration effects from outside or electrical network. To

achieve the resonance condition, the fine frequency adjustment dial was

turned until an ellipse with the description above, appeared on the

oscilloscope screen. The input current and the corresponding undamped

natural frequency or period values were read from the digital multimeter

(voltmeter) and the digital counter (timer), respectively. Switching to

the accelerometer output on the control box, the acceleration value of

I

-u *
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Figure 44. Typical Lissajous-figure (obtained from one of the tests
with a Mississippi Delta sediment specimen)
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the sample was read from the digital multimeter, also. The same

procedure was repeated for a range of input power values in ascending

order. In addition to these, another set of readings were taken at

v"-x fn for the smallest input power value. This was done by setting

the frequency to /T-times the undamped natural frequency and reading the

current and acceleration values at that value of frequency. The set of

data obtained in this manner were than used in the calculations of

damping ratio, which will be discussed in the next subsection.

Several of the samples were tested for their degradation behavior

with increasing number of cycles of loading. This was done by keeping

the input power constant and recording the frequency and acceleration

values at resonance randomly. In doing so, the Lissajous figure had to

be restored to its original position by adjusting the frequency before

each set of readings. The reason for this practice was that due to long

periods of vibration, the material porperties would change slightly so

that the sample adopting a new fundamental frequency would drop out of

resonance condition. This in turn would cause a slight distortion in

the shape of the Lissojous figure. As stated earlier, by adjusting the

frequency, the figure was restored back to its original shape, which in

turn yielded the set of readings for the new resonance condition. The

results and discussion of the number of cycle dependency of the shear

modulus will be given in Chapter 4. However, at this point, it is

beneficial to note that, the sequence of readings made to measure the

input power (or strain amplitude) dependence of shear modulus were

assumed not to be influenced by the extra number of cycles of loading

while they were taken. This assumption is supported first by the fact

that the low amplitude shear modulus values are essentially independent

I
I
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of the number of cycles of loading. The high amplitude measurements, on

the other hand, were done fast enough so that degradation effects that

could have altered the readings were eliminated.

3.2.2.4 Data reduction procedure

The constitutive equations and constants for evaluation of dynamic

properties using the data obtained from resonant column testing are

given below.

(i) Shear modulus and shear wave velocity
27rf £~

n k2 (87)

where

p - mass density of sample

k length of sample

Sf (J/J )

J - mass polar moment of sample

ao W mass polar moment of attached weight on top of the

sample
2

J - 28.44 gm cm sec
0

jWM D 
2

8g

where

m - mass of sample

D - diameter of sample

g - acceleration of gravity

J
- tan B (88)

0
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Equation (88) is solved for B either by iteration or by

Drnevich curves (42).

V S - n(89)

where

V - shear wave densitys

In the calculations above, only measurements for D, k and

f are needed.

(ii) Strain Amplitude

-l_ ,_

Accelerometer

D a (90)

a

where

y = shear strain

* J a - acceleration displacement

r acceleration radius

Ir
DI

-r-r 
(90
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Aa 35.12 x Acceleration Reading (mv-rms)

ACF x f
n

ACF - acceleration calibration factor (pk-mv/pk-g)

ACF = 2,500 pk-mv/pk-g

r = 3.75 cma

Then

14.74 (Acceleration rdg. mv-rms) (91)
i f2n

Measurements for all the parameters in equation (91) are

needed.

(iii)Damping Ratio

Using the Magnification Factor Method the damping ratio

is calculated as follows

D(%) - DCF(Z) Current Reading (92)
Dr Acceleration Reading f-f n

where

DCF(%) + L[Acceleration Reading,4R() Current Reading "f/_ f n

and

1R= J

o -0.92
[1 - 0.27 [

DCF is calculated only once at IT times the low amplitude resonant

frequency, i.e., the amplitude where the measured modulus is nearly

equal to the maximum modulus.

Data of the resonant column tests were recorded manually on data

sheets. The data reduction was done using a mini-computer program in

BASIC language. The listing of the program and part of a sample output

is given in Appendix C.

- - . .. .. .. . ."- ... ... . - .- - - . ,f- , ,. I
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3.2.3 Experiments and Analytical Procedures
to Evaluate Soil Index Properties
and Shear Strength

3.2.3.1 Undrained triexial tests

The samples were subjected to undrained triaxial test after they

were recovered from the resonant column. Since resonant column testing

is essentially nondestructive, the samples were sufficiently intact for

strength testing. Only the top and bottom portions where the razor

blades of the porous stones were embedded needed to be cut off.

The undrained shear strength tests were conducted under

approximately the same calculated effective overburden stresses as in

resonant column tests. The triaxial apparatus was ELE Tritest 50 Model

with a separate constant pressure device. The data was recorded

automatically on a data logger of Hewlett-Packard 3467A Model. A

mini-computer program of BASIC language was utilized for data reduction

in these sets of experiments also. The listing of the program and part

of a sample output is given in Appendix C.

Most of the shallow samples failed by bulging outward rather than

shearing along a plane. This behavior is typical of soft saturated

clays with high values of Poisson ratio, U (0.4-0.5). Typical

stress-strain diagrams obtained for three different depths of samples

are given in Appendix C (Plate C-5). For the samples that showed a

strain hardening behavior, (e.g., the stress-strain behavior of 0.24 m

deep sample) the failure was assumed to have occurred at 20 percent

strain level. The undrained shear strengths in terms of cohesion were

obtained using Mohr-Coulomb equation for undrained strength tests.

su  c 2 (93)

I
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3.2.3.2 Plasticity analysis, classification
and other index properties

Liquid limit and plastic limit tests were performed on air dried

samples. They displayed an average plasticity index of 33.0 and liquid

limit of 60.0. Average liquidity index for the top 60 m of material was

on the order of 1.40.

Using Unified Soil Classification System, the samples tended to

cluster within the vicinity of "A" line, with larger portion classifying

as CH (high plasticity clay) type of soil. Visual observations of the

samples indicated some organic characteristic for certain depths due to

the presence of small amounts of shell and wood fragments. In addition

to this, the dark olive color and the "spongy" texture of the

cross-sections (tiny holes that are presumed to bear gas), strongly

suggested organic nature, especially for the top 60 m layer of material.

However, fine sand and silty material was encountered around 4 m, 7.5 m

and 14 m below mudline in pocket layers. Therefore, combining these

visual observations with the plasticity analysis, the soil samples were

classified as CH-MH-OH material in general, according to the Unified

Soil Classification system.

The natural water contents of the top layer samples generally were

higher than their liquid limits. This readily suggested under

consolidation for these samples. However, thL firmer samples below 60 m

of depth were normally or overconsolidated. Note that these conclusions

were made only through plasticity analysis and visual observations.

Therefore, no quantitative verification can be provided at this point.

Details of the plasticity analysis results are given in Chapter 4, and

in a depth profile diagram in Appendix A (Plate A-2).

-. ?
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Dry and bulk unit weight profiles were prepared. The typical

"crust" formation of Mississippi Delta sediments due to silty and sandy

layer of material is indicated between 7 to 14 m of depth from mudline

for this location of boring. The diagram of the profile is given in

Appendix A (Plate A-l).

Specific gravity analysis were conducted for three separate

mixtures of air dried samples. The first mixture consisted of random

amounts of soil from 2.98 m, 3.90 m and 7.56 m samples. Likewise, the

second and the third mixtures were prepared from 16.39 m, 19.44 m,

22.50 m, and 34.68 m, 37.73 m, 40.78 m, 46.88 m samples, respectively.

The choice of the samples to make the mixtures was based on the

closeness of the shear modulus values of these samples. Each mixture

was assumed to represent a layer of slightly different material

properties. However, the specific gravity value for each mixture did

not differ significantly from the other two. They are given in Table 9.

3.2.3.3 Sensitivity experiments

Sensitivity analysis was performed using a Geonor A/S Model

laboratory cone penetration apparatus (drop cone apparatus). In this

procedure, the penetration of a cone of known weight and tip angle

dropped from an initial position such that the cone tip touches the

surface of the soil, is correlated to the undrained shear strength of

the soil. This correlation is expressed by the following formula

au - k 2 (94)
h

where k is a constant which depends on the angle of the cone and is also

influenced by the sensitivity of the soil. Q is the weight and h is the

penetration of the cone. This relation is tabulated for various

I
1
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Table 3

Sensitivity Analysis Results*

Depth From Undisturbed Remolded Sestvy
Mudline Shear Strength Shear Strength SnivtyClassification

(mn) (kPa) (kPa)S

0.244 3.09 2.30 1.34 Insensitive

5.730 3.43 1.54 2.23 Insensitive

7.560 8.92 2.21 4.00 Insensitive

8.47 11.87 4.22 2.80 Insensitive

*Cone apex-angle - 60*
Cone weight 60 gr.
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penetration depths in mm. Several shallow samples were subjected to the

laboratory cone penetration test before they were extracted from the

recovery tubes. This in turn provided the penetration values that

corresponded to undrained shear strength of the undisturbed sample.

Same procedure was repeated after the samples were extracted and a

portion of them were thoroughly remolded for testing. Penetration

values for these portions yielded the undrained shear strength of the

remolded sample. Applying the following equation, sensitivities of some

of the shallow samples were estimated.

S .undisturbed strength u undisturbed (95)
remolded strength [S I o

u remolded

The results for this analysis are given in Table 3.

3.2.3.4 Assumptions and formulations
to estimate K and V

The most abundantly used formulation to estimate lateral earth

pressure Ko, is the one that relates K to the friction angle . Since

no experimental information was available about the value of 0 angle,

another foi..,ulation was adapted. It was Brooker and Ireland formulation

that related K to plasticity index, I (11). Over the region from I p0 p p

0 to 40 percent the relationship is expressed as

K - 0.40 + 0.007 I (96)o p

In the region I M 40 to 80 percent, it is approximatelyP

K - 0.68 + 0.001 (I - 40) (97)
o p

Poisson's ratio p is uniquely related to 0 state since it is a0

condition of no lateral strain. From the gpr ral Hooke's law by setting

the lateral strains to zero, relation for p is easily derived

K
1 +0 K (98)

0I
!

=t ... . ... ., .. . .... .. . ; '.J-
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The estimated value of Poisson's ratio is used to predict mean effective

stress which is a parameter for critical state analysis.

3.2.4 One Dimensional Consolidation Experiments used
in Critical State Soil Mechanics Analysis

A set of consolidation tests for four samples from randomly chosen

depths were conducted. Two consolidations were done for each sample,

once in the undisturbed state and once in the remolded state of soil.

Consequently, two separate compression curves were obtained for each

sample.

Geonor Model Consolidometers were used and data were recorded

automatically on a data logger. Data reduction was done using a

computer program in FORTRAN language (61a).

Standard consolidation testing procedure was followed as closely as

possible. Samples were soaked 24 hours in the consolidometer to induce

swelling thus eliminating the potential for it, if any existed. None of

the samples showed swelling behavior, instead they consolidated slightly

under the weight of the top porous stone and metal cap. Due to the very

soft nature of the material, the initial loading stress was chosen to be

a small value. With a stress-increment ratio of 1.0, the loading was

started from 0.05 kg/cm 2 and continued on to 6.4 kg/cm 2 except for the

2
very top sample (2.99 m) which was loaded up to 3.2 kg/cm . The

undisturbed samples were unloaded with the same increment ratio to

obtain the rebound curves. The compression curves for each sample are

given in Appendix A (Plates A-81/A-84).

Evaluation of the critical state parameters were done using the

procedures described by the critical state model for cyclic loading,

-t.*-}t* *' 4
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presented in Chapter 2. The mean effective stress, p' was evaluated by
0

the following formula.

p' -1/3 [a + 2 K o' (99)

wherec' is the calculated effective overburden pressure of the sample.

It is

a! [geostatic pressure - hydrostatic pressure]h.sample depth

Note that excess pore pressure values are not involved in the

calculation of aF! simply because of the fact that they were not

possible to be evaluated either by experimental or analytical methods

for this study. However, it is important to note that studies to

measure in-situ excess pore pressures in sediments of Mississippi Delta

and Gulf of Mexico through use of piezo-cone penetrometer (61b) are

underway, which will aid further in predicting design parameters for

foundations of offshore structures. At this point, it is instructive to

refer back to Figure (38a) of Chapter 2 in order to follow the procedure

in predicting volume change potential of the material described here.

The in-situ stress and volume state of the material is denoted by

point A, with coordinates (p', e ). It is necessary to point out that

the e value given on the semi-logarithmic plots of compression curveso

in Appendix A is not the same e0 referred to here. The value of e0 on

those curves.is the calculated initial void ratio of the sample before

it was subjected to consolidation experiment. Under undrained, rapid

loading conditions, the material yields to critical state along path

A-C, with no change in its specific volume. In order to reach the same

state of stress and volume at point C, the material would have to be at

a higher state of stress initially on virgin compression curve so that

when volume change is allowed by slow unloading process, it follows the
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characteristic rebound curve to point C. The vertical difference

between the line segment A-C and the rebound curve at (pI, e) point on
0 0

virgin compression curve (or undisturbed compression curve in terms of

the experimental analysis), is defined as the volume change potential,

1T. The graphical analysis includes locating (pI, e ) point on virgin
0 0

compression curve and extending a horizontal straight line to the

critical state curve (or remolded compression curve in terms of the

experimental analysis) to find the coordinates of point C denoted as

(pu' eo). The following assumptions are made in using this procedure,

and they are important to note at this point of discussion.

1. The experimental one-dimensional compression curve is assumed

to coincide with the theoretical isotropic virgin compression

curve.

2. Due to the insensitive nature of material dealt with, the

remolded compression curve is assumed to coincide with the

critical state line.

3. The material is assumed to be cyclicly loaded at the ultimate

state of stress on the yield surface, that is qu" This level

of loading is known to produce the largest pore pressure, and

effective stress changes before failure by yielding (14).

Upon determination of values of the three essential parameters, p',
0.

e0, Pul the following set of equations are used to predict the rest of

the parameters defining critical state condition.

Excess pore pressure du P - Pu

Volume change potential It in [p

Volumetric strain potential £ - ev l+e
0

_7 - - -~~
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Shear strain at critical state 
2 i

Note that K is the slope of the rebound curve on semi-logarithmic plot,

and it is also determined graphically along with e and Pu. The

equations given above are derived in Chapter 2. A table sumarizing the

calculated values of these parameters for the samples tested will be

given in the results section of this study.

3.3 NUMERICAL ANALYSIS PHASE

Two distinct numerical solution techniques were employed in order

to simulate the "movement" of submarine sediments in terms of

displacements, strains, velocities and accelerations under cyclic

loading. The major difference between the two techniques was that one

was specifically developed for evaluating the dynamic response of soft

marine sediments under the action of sinusoidal water wave train and the

other one was a finite element solution method developed in general for

response analysis of nonlinear materials under either dynamic or static

loading conditions. The first method was wave-propagation viscoelastic

sea bottom interaction analysis developed at Texas A & M University in

1974. The latter one was the finite element program, NONSAP (nonlinear

structural analysis program) developed at the University of California,

Berkeley in 1974. The choice of these numerical solution techniques to

simulate dynamic response of Mississippi Delta sediments depended mostly

on their availability. However, distinct capabilities of both

techniques to represent material properties and loading conditions

provided an insight to predict certain critical aspects that need to be

considered in the analysis of dynamic response of these sediments in

concern. The flexibility of each technique varied over certain input

-.-.. r--. 7
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phases. The following discussion will aid to understand these

techniques and the way they were employed in this study.

3.3.1 Wave-Propagation Viscoelastic Sea-Bottom
Interaction Analysis

This analysis was developed and contributed to by a number of

investigators. The original investigator being Schapery (45,45a), other

names such as King, Dunlap (26), and Stevenson (54) appear throughout

the period the analysis was developed and modified. The solution

technique is currently used commercially in offshore foundation design

procedures.

In this method, the continuum mechanics approach is extended to

represent a nonlinear viscoelastic material. The analytical solution

for linearly viscoelastic material is derived first and by means of an

approximate method, realistic soil nonlinearities are then taken into

account. Effects of a sloping subbottom are also considered. Analysis

is based or a clay-water system, rather than clay alone. The geometry

and coordinate notation used in the analysis are shown in Figure 45.

The theoretical assumptions are as follows (45).

1. Each clay layer and the bottom half-space is homogeneous,

linearly viscoelastic and isotropic.

2. The water is homogeneous and inviscid.

3. For both water and clay, volume strains ("dilatations") are

negligible compared to shear strains; this assumption permits

the use of the equations for "incompressible" clay and water.

4. With the exception of thin layers having relatively low

strengths, the shear strains and rotations are small enough
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that the standard linear strain-displacement relations can be

used.

5. The subbottom is of infinite extent in the horizontal

direction and is in a state of plane strain.

6. At a fixed station, defined by the value of x, the vertical

water displacement at the surface, y - 0, is a sinusoidal

function of time with zero mean value for all time.

The continuum mechanics equations for an elastic material were

extended to viscoelasticity by means of so-called "correspondence

principle" and the shear modulus G was replaced by a complex modulus G*,

G* = G' + i G" (100)

where

G' - real part of complex modulus

G" = imaginary part of complex modulus

and

IG G 2 + G"j2  (101)

Then the general continuum equations extended to viscoelasticity are

given as (45),

as' a 2 u
G* V2 uc + a P 2

c at
(102)

as' a2 v
G* V2 uc + c at2

c ay ca

where u and v c are the horizontal and vertical displacement components

of clay, pc is the mass density and sc' is a stress term given by

a' ,S +Yc v (103)

where sc is the decrement in effective stress on a clay particle due to

wave action and yc is the unit weight of clay.

I
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The complex shear modulus of the clay, Gw , is a function of

circular frequency, w- 2f/T p, where T is the wave period. G* is

defined asT/Y wheny is

Y . ly! e1t (104)

G* is also dependent on the stress level of loading. However, for very

small stresses the clay can be assumed to be a linearly viscoelastic

material defined by a constant rate of strain y, (linear relation of

strain versus time). In this linear range viscoelastic properties

(e.g., G*) is independent of stress. The stress-strain equation for a

linearly viscoelastic material is written in the form (36)

- t G(t - t') - dt' (105)
o dt'

where t' is a reference time, G(t) is the relaxation modulus defined as

the ratio of shear stress to strain when the strain is applied at t - 0

and held constant thereafter. G(t) obeys a power law, for many

materials including clays.

G(t) - G1 t
-n  (106)

where G1 and n are constants.

Values for G1 and n obtained through vane shear tests (54) on

sea-floor sediments, showed good correlation with vane shear strength

and liquidity index, respectively. (Note that vane shear data taken at

constant rotation rates is indeed applicable since linear viscoelasti-

city theory Is based on constant strain rates.)

The amplitude of complex shear modulus, G1 , can also be expressed

in terms of G1 (36).

I - G 1 r( - n) wn (107)

where r(l - n) is Gamma function with argument (1- n).

I
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The approximate method of nonlinear analysis start by assuming a

secant shear modulus which is equal to the amplitude of the complex

modulus,1 G J, such that
G = T m/T m (108)

with Tm and Ym being maximum shear stress and strain, respectively.

Substituting equation (108) into (107) and rearranging, the following

relation for G is obtained

ST Ym W-n (109)
l r(1 - n)

At this stage it is important to note that G is the amplitude of the

time dependent modulus G(t) at constant strain rate. The relation for

"n" is obtained by considering the phase angle, 0, between stress and

strain, which is formulated as
-i

0 tan (G"/G') (110)

Referring back to Chapter 2 about the discussion of damping materials

(2.1 and 2.2.2), equation (110) is readily recognized. Substituting the

relations given for G" and G' (36), 0 is then expressed in terms of n.

S - (111)

The stress-strain diagram for a linear viscoelastic material under

harmonic straining is an ellipse, while the stress-strain diagram for

cyclic loading (hysteresis behavior) can be estimated to be a

parallelogram. These diagrams are given in Figures 46 and 47,

respectively, In order to obtain "equivalent" linear parameters for

nonlinear stress-strain behavior of soil, the areas enclosed by the

parallelogram and ellipse are equated and solved for the 4, upon which

the following relation is obtained.
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2
0 - sin-1 [__m (1 - G1)1 (112)

"rI T 12  Go

where G is the initial tangent modulus for the backbone curve. Note

that the assumption oft G I being equal to Tm is used in this

derivation once again. In order to solve for T mt ratio, 0 is set to be

900 which makes the linear viscoelastic diagram a circle. Corresponding

to this, a condition of very large strain is adopted, which forces

J GJ/G0 to be approximately equal to 0. Substituting these boundary

conditions into equation (112), the relation between peak linear

viscoelastic stress T and actual peak stress m is obtained

Tm _ , (113)

Combining equations (111), (112) and (113) an expression for n is

obtained

n =2 sin-1 [1 (114)

Note that, being a function of 0, the parameter n accounts for the

(109) and (114), respectively, serve to define the "equivalent" linear

viscoelastic material. Both terms are observed to be a function of the

nonlinear secant modulus, defined as T m/ym. The next discussion will be

on the determination of this nonlinear secant modulus as incorporated in

the analysis.

The nonlinear behavior is defined by the hyperbolic stress-strain

relation.

Gyo (115)

1 + . Y
C

U



where c is the ultimate undrained shear strength. Analytical solutionsu

for vane shear test predict that a plot of experimental values of vane

rotation angle, 0, versus -log(l - T/T ), T being the ultimate torque
u U

at failure, is a straight line, slope of which yields the value for

G /C (54). Indeed experimental data from different sites for some
0 u

range of constant vane rotation rate, 0, produced straight lines with

Go/c u ratio varying between 26 and 37 (54). Same relation was obtained

in cyclic torque experiments where G /c ratio was estimated to be
o u

between 32-40 (26,46). The lowest strain amplitude for the cyclic

experiments were approxiamtely 0.4 percent. Note that the lowest strain

level for the resonant column experiments presented herein, was about

0.001 percent.

The maximum shear stress and shear strain values, Tm and Ym, are

assumed to fall on the hyperbolic stress strain curve when G and cu are

the values corresponding to remolded clay. This assumption is made to

extend equation (115) to cyclic loading. Then using the assumption and

equation (115), an expression for nonlinear secant modulus is obtained

T
G = m/Ym - G [ --1 (116)

0 cu

Substituting equation (113) for Tm, the final form of the relation is

written as

G- GO [l /-- (117)
u

In order to work back from this equation to the "equivalent" linear

viscoelastic properties, the values for G and cu are essential. The

numerical analysis requires the values for G /c u , cut linear

viscoelastic value of n, and an initial estimation for ITI/C u . Go/cu

ratio can either be obtained experimentally, as discussed above, or a

i
I
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reasonable value can be assumed depending on site conditions or

previously obtained information. c can be determined by an undrainedu

shear strength analysis. The value of n for the linear viscoelastic

range can either be determined experimentally, or estimated through a

linear relationship with liquidity index. After a series of

substitutions and iterations the "equivalent" linear viscoelastic

modulus is obtained and used in the continuum mechanics formulation to

determine the displacements, strains, velocities and accelerations

induced by the wave loading.

The sinusoidal wave loading is given by a complex equation, where

vw is the vertical displacement and v is equal to H/2, H being the

wave height measured from trough to crest.

v = v e (118)w o

in which,

X =Wt - Z x

and

S - i (wave number)

Combining the equations above and converting to real notation, the

relation for a "physical" water wave is obtained

Re(v) - v e cos (Wt -tlx) (119)

The physical wavelength, L, is

L - 2Tr1Z (120)

The computer program phase of the analysis automatically generate

the sinusoidal wave loading when wave period T and wave height H arep

specified.

Two sets of data were prepared and used in this numerical solution

technique. The continuum was represented by ten layers with slightly
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different material properties. The top 60 m of the material from

boring B-6 was simulated in this procedure. Samples with similar

material properties were assumed to constitute a single layer and

corresponding undrained shear strengths, maximum shear moduli and

liquidity indices were averaged over the thickness of each layer.

Material below 60 m was considered to be the base material overlaid by

the soft clay. The water depth to the mudline was assumed to be 6 m.

The wave period and the wave height were given as 10 sec and 2.5 m,

respectively. Both sets of data contained essentially the same

information except the Go/cu values. Originally Go/cu values were

estimated using the maximum shear modulus and undrained shear strength

values obtained through laboratory experiments. Similar to the other

material properties, these ratios varied for each of the ten layers.

The values were found to range from about 120 for the top layer to 400

for the bottom layer. For comparison purposes, the GC c value of 32
0 u

obtained through cyclic vane shear tests by several investigators

(26,46) was incorporated to constitute a different set of data. In this

case, the same value of GO /c was used for all the layers. Results of

the analysis will be discussed in Chapter 4.

3.3.2 NONSAP - Nonlinear Structural Analysis Program

NONSAP has been developed to solve static and dynamic, linear and

nonlinear problems (2). It incorporates large displacements and large

strain nonlinearity solution modes. Nonlinearities are either

considered to be material nonlinearities or they arise from large

displacements and strains. Material properties and stress-strain

behavior are represented through several material models implemented in

the program. In general, three types of material behavior can be
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simulated by the technique. They are elastic, hyperelastic and

hypoelastic material behaviors. The element representation can be dcne

in one, two or three-dimensional form.

System response is obtained using an incremental solution of

equations of equilibrium with Wilson or Newmark time integration

schemes in a dynamic analysis (3). At specified time intervals the

linear stiffness matrix of the system is modified for nonlinearities.

The fundamental equation for equilibrium is the equation of motion.

t+, U+Ct+& + tk  t+AtR  tFm u +c u+ ku t+f R F(121)

where R is the external load vector and F is the nodal point force

vector equivalent to the element stresses at time t. The other

parameters were defined in Chapter 2, earlier. During the motion of an

element of the system, its volume, surface area, mass density, stresses

and strains change continuously. In order to solve for the static and

kinematic variables at each time increment, the configuration of the

element at time t+At must be estimated. To obtain a first approximate

solution any one of the already calculated equilibrium configurations

could be used. Two separate formulations can be utilized for this

purpose. They are the total Lagrangrian (TL) and updated Lagrangian

(UL) formulations (4,5). TL formulation uses the initial configuration

of the element and refers all static and kinematic variables to that

configuration at time zero. The UL formulation refers all static and

kinematic variables to the last calculated configuration. Once an

approximate solution is obtained it is improved by equilibrium iteration

using either one of the integration schemes, stated above. In dynamic

analysis, equilibrium iteration is a critical process due to the fact

that the calculated solutions may "drift away" or diverge from the exact

....... ~ ~ ~ ~ ~ ~ ~ ~ ~ M I .. I:: .." ' L .. ': '
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solution if the step-ty-step solution becomes unstable during a stage of

time integration. This is usually observed to happen if large load time

stepp are used. Since in dynamic analysis the solution for any

prescribed load at a specific time is dependent on the history of

solution, a relatively sudden increase in load within a short increment

of time, brings about the divergence effect. In order to avoid this

problem, a very low rate of loading must be input or the size of the

time steps must be reduced considerably.

The UL and TL formulations are used for large displacement and

strain solutions where the configuration of the element changes

continuously during the time of loading. This effect is known as the

geometric nonlinearities of the system. However, in the case of an

analysis involving only material nonlinearities, the strains are assumed

to be infinitesimal and the configurations of the elements do not

change. Consequently, the nonlinear strain components and the

displacements at time t are neglected in the formulations.

In NONSAP isoparametric finite element discretization is used (65).

Two dimensional elements can be represented by 3 to 8 number nodes in

plane strain, plane stress or axisymmetric stress space. Material

properties in terms of material models are assigned to the elements of

the system. Eight material models are implemented in the program. They

are:

1. Linear isotropic

2. Linear orthotropic

3. Variable tangent moduli

4. Curve description model

-dim
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5. Curve desc 'Ition model with tension cut-off capability (plane

strain only)

6. Elastic-plastic (Von-Mises)

7. Elastic-plastic (Drucker-Prager)

8. Inc..apressible nonlinear elastic (Mooney-Rivlin, plane stress

only)

In addition to these, a 9th model, which would be a user supplied model

can be implemented in the program. Since, the material, response of

which simulated through this numerical analysis, displayed

elastic-plastic behavior, Von Mises, and Drucker-Prager material models

were adapted for this study. Schematic diagrams of stress-strain

behavior of these material models are given in Figures 48 and 49,

respectively. Von-Mises material model apply, in general, to ductile

materials with strain-hardening characteristic, as discussed in

Chapter 2. E, Et, a and V are the input parameters for this model.
yp

Using the following set of equations, stress-strain information gathered

under shear stress conditions can readily be transferred to parameters

of axial stress-strain behavior, for Von-Mises material model.
T

a = E - 2G(l1 P)
yp 0.577

(Note that the argument for T and a relation is presented in
yp yp

Chapter 2.)

The Drucker-Prager material model in NONSAP is particularly

applicable to geological materials. In Mohr-Coulomb theory, the failure

shear strength for soils is defined as

Tf c + Otan (122)

Consequently, the input parameters for this material model include

cohesion, c, friction angle, *, along with E and P.

--- -
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The advantage of Von-Mises material model over Drucker-Prager model

is that, it is capable of utilizing either of the Lagrangian

formulations which in turn yield large strain and large displacement

solutions. Drucker-Prager model is capable of utilizing only material

nonlinearities, therefore is restricted to small strain and displacement

solutions.

In addition to the concepts described above, program NONSAP is also

equipped with the capability of introducing damping affects of a system

in dynamic analysis. The Rayleigh coefficients of a and a are the input

parameters for this purpose. Using these parameters, the damping matrix

of the system is created as a linear combination of the mass and

stiffness matrices (given by equation (4) in Chapter 2).

The mass matrix can be formed either by consistent mass method or

lumped mass method. In consistent mass method, the mass density of the

element is specified, the program then generates a consistent mass

matrix from elument data. In lumped mass method, the mass matrix is

evaluated by simply lumping I/Nth (N = number of nodes in the element)

of the element mass at each node. Lumped mass matrix method is an

approximate one, but it is well justified for many problems since the

other method consumes considerably more computer time. In addition to

the elemental masses and dampers, concentrated nodal masses and dampers

can be specified also, if need occurs. A lumped mass matrix analysis is

also possible by setting the mass density to zero and specifying only

nodal masses. This latter procedure was utilized in calculating the

response of soft sediments in this study.
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Finally, loading is given in successive point values of time versus

force. Several different loading curves can be specified for one

system.

Note that, not all the solution modes are possible for all element

models. For example equilibrium iteration is not allowed for curve

description models and Lagrangian formulation is not allowed for

Drucker-Prager elastic-plastic model. Limitations such as these

constitute certain inefficiencies for the program. However, the option

of implementing a user supplied material model stand to be an

alternative solution to represent the system of concern most

realistically. On the other hand, due to the complexity and size of the

program, such a solution is bound to require an extensive amount of work

and time. Therefore, choosing the best fit model already implemented in

program is presumed to be a more practical and faster solution. Then

the problem reduces to making the right assumptions for the real system.

The "restart" option of solution in the program proves to be a

useful tool when lengthy runs of data are required for long terms of

loading (3). With that option, the program can be terminated at any

time of loading sequence, and restarted again with the conditions at

termination serving as initial conditions. This option was used

extensively in the response analysis of soft sediments, which will be

described next.

3.3.3 Utilization of NONSAP Using the Stress-Strain
and Index Property Data Obtained for
Boring B-6 Samples
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3.3.3.1 Discretization

Figure 50 shows the finite element discretization used in the

analysis. The simulated system incorporated 16 two dimensional elements

of 4 nodes in plane-strain condition. A total of 34 nodes were used.

Attempt to represent the system with a finer network of elements was

unsuccessful due to the extensive amount of computer time required to

obtain the final solution. However, the configuration presented in

Figure 50 did produce sufficiently smooth profiles of displacements and

velocities. The length of the elements in y-direction was specifically

chosen to coincide with the wavelength L, of a wave train of height 2.5

m. This choice of dimensions naturally yielded very elongated elements

in y-direction. The total length of the system in z direction was 60 m,

coinciding to the mudline at the top. The fine discretization at the

very top of the soil column was for the purpose of obtaining smooth

kinematic profiles, since the mass effects diminished considerably

towards the mudline.

The boundary conditions were chosen so that the system was retained

from lateral and vertical displacements at one of the base nodes, and it

was retained only from vertical displacements at the other. This, in

turn, yielded different static and kinematic profiles (displacement,

velocity, acceleration) for the pinned-boundary node sequence on one

side of the system, and roller-boundary node sequence on the other side.

Since the loading on top of both sequences of nodes were exactly the

same, simulation of two distinct kinematic behaviors were attempted for

the same column of material for different boundary conditions.

--- V !
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3.3.3.2 Mass and damping affects

The lumped mass option was utilized by setting mass density equal

to 0, and specifying only nodal masses. These nodal masses were

calculated manually the same way the lumped mass matrix evaluation of

the program. However, the system was assumed to extend half wavelength

distance on each side along y-axis, and an imaginary element boundary

line passed vertically from top to base of system dividing the elements

into two equal sections. The imaginary configuration is sketched in

Figure 51. The nodal masses are calculated according to this imaginary

configuration.

Damping of the material was incorporated through Rayleigh damping

coefficients a and B. They were calculated using equation (8) of

Chapter 2, for each individual sample and averaged to obtain a single

set of 0 and 6 values. They were the only parameters to be specified

for damping analysis.

The sinping configuration of the system was not specified in

discretization phese buc rather built into the data by modifying the

nodal npsee in the y-direction. In order to obtain the displacements

and velocity and acceleration values due to sloping bottom, the nodal

masses in the y-direction were decreased by an amount of M sin 6, where

yyN wa th orglnl ndalmass, and 6 the angle sloping surface made

with the horizontal. The magnitude of the slope was assumed to be one

percent.

3.3.3.3 Material model and layering

In order to be able to compare the solutions from viscoelastic

material analysis, with NONSAP solutions, the same type of layering was

adapted. Corresponding to each layer of material the parameter input
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for the material model varied in accordance with the laboratory data

obtained. Ten different sets of parameters were prepared for 10 layers

of the soil column.

In order to obtain large displacement and large strain solution for

the mud-flow analysis, Von-Mises elastic-plastic material model was

adapted. The nonlinear shear stress-strain curves derived from resonant

column data (discussion and results of this procedure will be given in

Chaper 4), were represented bilinearly according to the Von-Mises

material model. Schematic illustration of this "equivalency" procedure

is given in Figure 48. Consequently, average values of G, Gt and T

were obtained for each layer of material. Using the calculated values

of p and the equations (26) and (68), E, Et, ayp were estimated. These

values and i, for each layer, constituted the material model input data

for the program.

Drucker-Prager model was used to simulate the response of the

system at critical state. Since the model represented an

elastic-perfectly plastic material (Figure 49), correlation of the

critical stress-state and the failure condition of the Drucker-Prager

model was presumed. Using the shear strain value obtained from critical

state analysis, and the hyperbolic relation of shear stress-strain

curves of the corresponding samples (Chapter 4), a "critical state

ot wa sue ht tciia t the materi lolcqurene
secant shear modulus", denoted as Gc , was obtained. At this stage a

major assumption had to be made in order to continue the investigation.

~It was assumed that, at critical state the material would acquire new

stress-strain and volume change characteristics so that the secant shear

modulus G would be equal to the tangent modulus of this new material.

After making this assumption, Ga, now denoted by Gc* was transformed
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into E using equation (26). In order to account for c and 4, the

Mohr-Columb equation for T f was equated to the value of T obtained atf c

critical state shear strain, Y . The following set of calculations were

performed.

T G Y
c cc

Tf c + o tan T

let 4 = 0, then solve for c

C MT
c

Consequently, all the parameters (E, c, *) required by Drucker-Prager

model could be estimated.

The same discretization was used with four layers of material in

this case.

3.3.3.4 Loading curves and use of "restart" option

The cyclic wave loading was simulated by a sinusoidal function of

time. The pressure A p, exerted by the waves on the ocean floor is given

by the following formula (51)

yH 1 1 (123)
2 cosh (271d)

L

where, I is the unit weight of water, H is the wave length from crest

to trough, L is the wavelength and d is the water depth.

A p multiplied by the sinusoidal function gives the variation of

stress at a point with time. This stress function must further be

multiplied by the area it is exerted upon, in order to get a force

function with respect to time. Considering that the wave train

propagates from one node to the other one continuously along the

mudline, by setting the distance between the two nodes to be equal to

the wavelength, it is readily observed that each node experiences the

I[ I. ... .. H -- U. -
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same amount of force at the same time. Assuming a standing wave of

sinusoidal shape between the two top nodes of the system, the

pressurized area is determined to be

A thickness (124)

where thickness is assumed to be unit for plane-strain elements.

Therefore, each node is determined to experience a time dependent force

of the form

F(t) - f(t) Ap L 1 (125)

In the discussion above, f(t) was assumed to be a sine function

[f(t) - sin wt]. However, due to steep slope of this function within

the vicinity of time 0, when it was introduced in program NONSAP

divergence in solution occurred. Therefore, a modified function of the

form

f(t) - 1 - cosWt for 0 < wt < 7r/2
(126)

f(t) - sin Wt for 1T/2 < wt < 3w/2

was used. This function along with the sine function is given in

Figure 52.

In the calculation phase for load parameters, the same values of

water depth, wave height and length of viscoelastic analysis were used.

Solving for Ap yielded 10.5 kPa. Substituting this value into equation

(125), the amplitude of te forcing function was found to be 383.25 kN.

The wave period Tp, was taken to be 10 sec, which was exactly the

same value used in viscoelastic analysis. Then the forcing function

between time 0 and 10 sec, was set to be I cycle of dynamic loading.

With time increment value of 0.01 sec, the CPU time for one cycle of

loading to be completed was estimated to be 4 CPU minutes in computer

--- - i . .. . ... - - X' --
' , ' ;:
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run phase. For practical purposes, each cycle of loading was divided

into 4 sections and utilizing the "restart" option of the program, one

cycle was completed in 4 runs. The cyclic loading in this manner was

continued up to the end of llth cycle. Analysis was terminated at that

stage of loading, due to cumbersome and extensively time consuming

process.

In "restart" option of the program, the final nonlinear stiffness

matrix, the kinematic values, strains and stresses at each node are

stored on separate disk files when the solution is terminated. The next

solution phase takes these matrices and values and automatically uses

them as initial conditions.

I

i
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Chapter 4

RESULTS AND CONCLUSIONS

This study consisted of two major phases, experimental and data

acquisition phase, and the numerical analysis phase using the

experimental data. In this chapter, the experimental and numerical

analysis results will be presented, and integrated into the presentation

will be the discussion of these results.

4.1 INDEX PROPERTIES OF THE CORE SAMPLES

Visual and textural observations of the samples prior to any type

of experimental analysis, revealed some differences between groups of

samples of different depths. The samples from the top soil layer,

approximately from 0 to 7 m of depth, was very soft, olive colored clay

with "spongy" cross-sectional appearance indicating gaseous nature.

Traces of organic matter--fiborous plant parts-- were encountered. From

approximately 7 to 14 m of depth, the material showed silty, sandy

formation, in "pocket" layers. Below this depth samples were again very

soft and dark colored gaseous clay down to approximately 60 m. There

was a relatively sudden change in the consistency and color of the soil

below 60 m of depth. These samples were much firmer and lighter

colored. Traces of organic matter--shell fragments--were encountered in

this layer also. Further down, close to 100 m of depth, fragments of

stone and other hard substances were scattered within the soil matrix.

The type of soil for this layer was again observed to be clay. The

sandy layer between 45 and 60 m of depth, reported in the McClelland

128



129

Engineers' analysis (30) of the same boring (B-6), was not encountered

in this study.

The results of the density and plasticity analysis are given

graphically in Appendices A-i and A-2, respectively. The silty and

sandy formation around 7 to 14 m of depth is observed by the increase in

dry and bulk unit weights in A-1 plate. This corresponds to the typical

"crust" formation in sediments of the Gulf of Mexico. Plate A-2 shows

the natural water content and plasticity range variation with depth.

The natural water contents of the samples above 60 m are higher or very

close to their liquid limits which is an indication of

underconsolidation. The firmer samples had natural water contents close

to their plastic limits which may be interpreted as overconsolidation

depending on the visual observations also. Using the plasticity index

information, other properties that are related to the stress-strain

nature of the soil samples were derived. These parameters were lateral

earth pressure coefficient KO, and Poisson's ratio p. Equations (96),

(97) and (98) of Chapter 3 were utilized to estimate their values.

Table 4 summarizes these parameters along with PI, effective overburden

pressure p' and mean effective pressure p' values for various depths of
0

boring B-6. Note that the effective overburden pressure values do not

include the excess pore pressure effects. They were estimated by

subtracting the hydrostatic stress from the total stress at each

corresponding depth. The total stresses were found by an average

distribution of the bulk unit weights along the boring depth to each

point of concern. The mean effective pressures, p', were found by

assuming equal lateral effective stresses on a soil element (that is

0' " ') and using equation (99) of Chapter 3.2
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4.2 RESONANT COLUMN TEST RESULTS

Hyperbolic curves were fitted to the shear modulus versus shear

strain data obtained by resonant column tests. Plates A-3 through A-24

of Appendix A present the data and the fitted curves on semi-logarithmic

scale.

Curve fitting was done by using an hyperbolic formula of the form

(25)

x - x

+ Yl (127)

where (x1, yl) is a reference point in the actual data, A' and B' are

the constants obtained through linear regression (44). A hyperbolic

equation can be transformed into a linear form, such that when plotted,

A' and B' correpond to the y-intercept and the slope of a straight line,

respectively. Considering a hyperbolic equation of the form

y WA+ x Bx + C (128)

and substituting (x1, yl) in this equation

y A + C (129)A + Bx 1

is obtained. Subtracting yl from y and rearranging, a linear equation

of the following form is obtained

X -I
y A' + B'x (130)Y -Yl

where

A' - A + Bx
1 (131)

B' = B + (B2/A) xI

Using the procedure described above, the G versus y data were first

plotted as ( y- y)/(G - G1 ) versus y and subjected to linear regression

analysis (44) which yielded the A' and B' constants. Finally,
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substituting these constants into equation (127), the equation of the

fitted curve was obtained. Table 5 presents the A' and B' values

calculated and used in curve fitting procedure of G versus Y along with

x and y1 values, and standard deviation values. An alternate procedure

is to evaluate A and B in terms of A' and B' and C in terms of A and B,

then use equation (128) for curve fitting. In this case

A'2

A A' + B' x1
A' B'B A' B' (132)

B=A' + B'
x1C y 1l [ + B x I ]

A very useful outcome of curve fitting was being able to estimate G
Gmax

corresponding to zero shear strain. Conventional methods suggested

extrapolation of the curve or using an analytical equation to predict

Gmax . These methods were discussed in Chapter 2. However, as observed

from equation (129) at zero shear strain

G - Gmax - G1  [A + GY1 (133)

which can be calculated readily with the proper values of A and B.

Hyperbolic curve fitting did agree well for most of the data. However,

as observed from plates A-5, 11, 21, 22, 23 and 24 there was some

disagreement. This can be attributed either to experimental data

scatter, unrepresentative data due to sample disturbance or

overconsolidation effects of the deeper firmer samples. (Since it is

not within the scope of this work, no discussion on overconsolidation

effects will be presented.)

The modulus reduction curves are normalized by G on the
max

ordinate. In general, the shear modulus value at 10 - percent strain
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amplitude is approximately equal to Gmax, and at 1.0 percent strain

amplitude the shear modulus is reduced to about 10-20 percent of its

maximum value. Due to the nature of the hyperbolic fit, most of the

curves display a change of slope within the vicinity of 0.5 percent

strain amplitude. This in turn could suggest an "approximate" linear

relationship of G versus Y for shear strain values much higher than

1.0 percent. When plotted on normal scale and extended to high strain

amplitude levels, the slow asymptotic decrease could indeed be

approximated as a linear relationship between G versus Y. This will be

illustrated by normalized, normal-scale graphs of reduction curves later

in this section.

The modulus reduction curves are further used to develop a family

of curves representing different strain amplitudes, in a depth profile

analysis of shear moduli. Plates A-25 and A-26 illustrate the products

of such a study. In A-25 only the top 60 m of soil column is considered

and shear moduli values correponding to shear strain levels ranging from

0 to 1.0 percent are plotted against depth. The increase in shear

modulus between depths of 10 to 20 m is consistent with the silty sandy

formation around those depths of soil column. A sudden decrease in

shear modulus below 20 m and a gradual increase between 40-60 m are also

observed from the graph. Between 0.1 percent and 0.5 percent of shear

strain shear modulus values decrease more than they do for other

intervals for most of the depths. Plate A-26 reproduces the same data

for top 60 m and adds the data obtained for the deeper samples on a

different scale of shear modulus. The sudden increase in shear modulus

below 60 m indicates the order of magnitude of the difference between

the strength of the two distinct layers of materials. Note that due to
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the lack of data between depths 60 to 70 m, the two data points were

connected merely by a straight line while the actual variation may or

may not be approximated by a relation of that type. For practical

purposes, it is assumed that the "imaginary" boundary between soft and

the firm soil lies somewhere between 60 and 70 m. Compared to the high

shear moduli values displayed by the firm layer, the variation of shear

moduli for the top layer seem to be almost constant. Due to the sudden

increase in shear moduli below 60 m, the interaction between the firm

and the soft layer cannot be predicted readily. That is, the soft layer

may be acting independent of the firm layer or it may be connected in

terms of mechanical response, by a gradual transformation. This in turn

brings about the question of whether to assume a frictional or a

"frictionless" boundary between the layers. A brief discussion on this

matter of choice will be presented in the numerical analysis results

section.

These curves are predicted to be of practical use for foundation

analysis in regard to design procedures for offshore structures. With

the proper knowledge of shear strains induced at different depths of the

soil column due to cyclic loading, the existing shear modulus at each

corresponding depth can be estimated readily. However, the history of

loading at the site should be accounted for in such an analysis--details

in relation to this concept is not within the scope of this work.

Prediction of final shear modulus values, after a storm loading, for

instance, could be of significant importance in further estimations made

for the occurrence of mud flow and its "effective" depth.

The degradation effects of number of cycles of loading, discussed

in Chapter 2, is looked into through G versus number of cycles of

I
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loading, N, curves produced for several randomly chosen samples.

Plates A-27 through A-32 represent these relations. Some of the samples

were loaded at a single strain amplitude, while others at several

different amplitudes. As observed from plates A-29 and A-31, the

degradation affect is more pronounced at higher shear strain loading.

The other two multiple strain cases seem to have identical slopes,

meaning that the degradation affect is approximately same for both of

those strain amplitudes of loading. Apart from this trend, some of the

curves display a "leveling" effect at high number of cycles, which may

correspond to the "steady state concept" of degradation discussed in

Chapter 2. Since the values between cycle number one and cycle number

100 were not measured--mainly due to experimental limitations--that

range is represented by dotted lines in all of the curves. Note that

this is an ideal approximate representation and does not correspond to

the actual variation. For practical purposes, the overall percent

decrement in shear modulus up to 10,000 cycles of loading was evaluated.

This decrement value for the samples subjected to degradation analysis

ranged from 5 to 25 percent. Considering the fact that 10,000 cycles

corresponded to approximately 1.0 hour duration of loading and the total

time involved during the resonant column measurements was only a small

fraction of an hour, the actual degradation affects were safely assumed

to be insignificant. Therefore, no corrections with regard to

4degradation were introduced to the results.

The initial resonant column data also yielded information about the

variation of damping ratio, D, with shear strain amplitude. Plates A-33

through A-52 represent the curves of D versus y for various depths. Due

to the soft nature of the material tested, it was not possible to obtain

Will- -A
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enough data for the low strain amplitude range (less than 0.001), to

extrapolate and estimate the minimum damping ratio. However, the lowest

D value was assumed not to be far from the actual minimum value and used

in the calculations for Rayleigh damping coefficients, a and 8, through

equation (8) of Chapter 2. Table 6 lists Dmin ' Wmin and the

corresponding a, a values for different depths.

The D versus y curves displayed some interesting features that are

not observed in curves of same type in soil dynamics literature. These

differences may either be atributed to experimental scatter or testing

errors involved, method used to estimate the damping ratio

(magnification factor method) or merely the soft and weak nature of the

samples. One of the relatively consistent traits was that the curves

tended to have several inflection points. They did not have a

noticeable "leveling" trend below strain values of 10- 3 percent.

However, they all increased with increasing shear strain amplitude. The

maximum damping ratios around 0.5 percent of shear strain ranged from

0.6-20 percent, with an average of 3.5 percent. The firmer samples

displayed relations which were more consistent with the curves

encountered in literature. The average damping ratio of 3.5 percent

around 0.5 percent shear strain is regarded to be a rather low value

with respect to the soft nature of the material tested. Ordinarily,

they were expected to display higher damping values. -he reason for

this occurrence cannot be predicted readily, but attributed to either

insufficient method of estimation or merely some unique characteristics

of the samples tested. Since no comparative literature is available for

resonant column testing of these soft sediments, the information given

in plates A-33 through A-52 will only aid to understand the nature of

I
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the curves and estimate the Rayleigh damping coefficients, a and 8 used

in program NONSAP for mud flow simulation.

Resonant column results yielded a third set of data which

constituted the main material input parameters for numerical analysis

with NONSAP. Using the general relation between shear modulus and shear

strain, and the assumptions made with regard to degradation of backbone

curve discussed in Chapter 2, cyclic shear stress versus shear strain

relations were obtained for each sample. Than a hyperbolic curve was

fit to each of these relations. First, data was plotted as Y/ T

versus y which yielded a straight line with the following equation (21)

Y A + B Y (134)

Through linear regression (44) of Y/T versus Y, the constants A and B

were obtained. Substituting the values of A and B in the original

hyperbolic equation, the fitted curves could be produced. Table 7 lists

the A and B constants used in this curve fitting procedure, and the

standard deviation values.

Plates A-53 through A-74 of Appendix A, show the analytical cyclic

stress-strain curves and the actual data points for different depths.

Most of the data were represented quite well by the curves, while some

were poor representations as observed in plates A-61, A-64, A-70 and

. ,A-73. These are attributed to experimental scatter or insufficient

data. The nonlinear stress-strain curves were transformed into a

* bilinear representation using Von-Mises material model with

strain-hardening characteristic. This representation was chosen with

the idea of using the yield stress and strain values obtained

graphically from these curves in the numerical simulation with program

NONSAP. Since only the Von-Mises material model allowed for

-- - ------ w.
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large-strain and large-displacement analysis in the program, the choice

of representation was inevitable. However, the fairly high Poisson's

ratio, Up values (refer to Table 4), and the observed "bulging" failure

mode of the samples in undrained triaxial tests, provided a supportive

ground for the justification of the choice of material model with

strain-hardening and failure by yielding characteristics. The bilinear

representations are also illustrated in the plates. The yield point at

which the initial tangent line and the strain-hardening line met, was

denoted by ( y, y ), namely cyclic shear stress at yield and cyclic

shear strain at yield.

In addition to Von-Mises material model representation, the maximum

cyclic shear stress T was also evaluated using the hyperbolic
max

relationship, where the reciprocal of the constant B was equal toT ma

It was found that T did not deviate significantly from the T y values

estimated graphically. A third shear-strength analysis with undrained

triaxial test procedure, yielded the su, or undrained shear strength

values for several samples. The total shear-strength data, along with

the Gmax values are listed in Table 8. The undrained shear strength

values are considerably higher then both of the cyclic shear stress

values, as observed from the table. This contradicts with the findings

of Whitman (63) who showed that for clays cyclic shear strength values

are higher than static shear strength values. A possible reasoning for

the results of this study may again lie in errors involved in the

various experimental procedures discussed herein. However the closeness

of the undrained shear strength values obtained in this study to the

ones reported in McClelland Engineers' investigation of the same

borehole samples provided verification of the data. On the other hand,
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resonant column test data is limited to small strain levels and

therefore is a unique procedure compared to other types of cyclic

experiments that can be extended to much higher strain amplitude

loading. Nevertheless, this contradiction and related conclusions must

be investigated further and the limiting and effective parameters must

be pin-pointed.

Using the shear strength data, the family of curves for shear

modulus depth profile, were normalized and replotted. The results are

given in plates A-75 through A-76 of Appendix A. In plate A-75, the

shear moduli are normalized by the undrained shear strength, su . Plate

A-76 provides a closer view of the top 60 m of material for the same

relation. It is observed that the G/s ratios, for 0 percent shear
u

strain amplitude ranges from 140 to 470 for the entire depth of

material. The utilization of this experimental G/su ratios came about

with the viscoelastic sub-bottom wave interaction numerical model.

Results of the numerical analysis in comparison with G/s ratio of 32u

will be presented later in this chapter. The sudden change of material

strength is not observed below 60 m of depth when G values are

normalized by su in plate A-75. G/su ratios almost as high as the

deeper values are also encountered around 10 m of depth. The low values

of G/s correspond generally to the surface of the soil column, while* u

the rest of the data for low shear strain amplitudes tend to range

between 200 and 300, with a mean value of 250 for the top 70 m.

The same normalization was done with T, values also. Naturally,

the G/ty values were much higher than G/su values. The new set of data

ranged between 600 and 2700 for the low shear strain amplitudes, with a

mean value of 1000. These ratios were not utilized in the viscoelastic

. . . . . . . .. . .. . | -
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sea-bottom analysis due to the fact that the initially estimated T/s
u

[= T c] values did not converge for solution due to the extremely high

values of G/su [-G/c u I values provided for the computer program.

Plates A-77 and A-78 showing T normalization are included only fory

comparison purposes.

The yield state parameters, shear strain at yield, y y, obtained

from the bilinear representation of the nonlinear shear stress-strain

curves were used for normalizing the shear strain in order to represent

all of shear modulus data on a single graph. The procedure was similar

to that used by Hardin and Drnevich (19). However, in their work the

shear strain was normalized by reference strain, yr (- T max/G max)

Plates A-79 and A-80 illustrate the results of the normalization. By

normalizing G by G and y by Y , shear modulus data for all of the
max y

samples could be collected on a single graph. Note that this

representation is very similar to that given by Hardin and Drnevich (19)

in Figure 30. The curve through the data points was fit by the

hyperbolic relation discussed earlier in this section. Extending the

hyperbolic curve to higher strain amplitude levels, a "predicted"

behavior was observed. Plate A-80 illustrates this relation. Note that

at high strain levels the curve can be estimated to be a straight line

with linear relationship of G versus y. However, extrapolating this

line to zero shear strain would not aid to find the maximum shear

modulus value. Keeping this in mind one can safely assume that shear

modulus versus shear strain relation is linear for high strain levels.

The hyperbolic curve, eventually, attains an asymptotic value at very

high strain levels where shear modulus is independent of strain.

I
I



II
140

4.3 CRITICAL STATE ANALYSIS RESULTS

Critical state analysis depended mainly on a set of consolidation

data. Remolded and undisturbed samples from four different depths were

subjected to consolidation tests, simultaneously. Compression curves

obtained from these tests are given in A-81, A-82, A-83 and A-84 plates

of Appendix A. The parameters in relation to these consolidation

experiments are given in Table 9. The first three samples displayed

relatively consistent data in relation to the undisturbed and remolded

compression curve trends. The last sample, however, displayed a

significant separation beween the two curves. This was attributed to

experimental error.

Using the procedure of estimating critical state parameters

discussed in Chapter 2, the corresponding parameters for each sample

tested were calculated and tabulated. Table 10 summarizes these

parameters and the shear strain, shear stress and shear modulus values

at critical state. The shear strength, Tc9 was obtained by substituting

the y c value into the hyperbolic stress-strain equation with the proper

A and B constants. G was then estimated by the general relation,
c

Gc - T c/y c. The shear modulus was transformed into Young's modulus and

used in numerical analysis, NONSAP, along with the shear strength value,

T . Results of this analysis will be presented in the next section.c

4.4 NUMERICAL ANALYSIS RESULTS

4.4.1 Wave-Propagation Viscoelastic Sea-bottom
Interaction Analysis Results

Two sets of data was utilized in this analysis. First G/su

- G/c uI ratios obtained from dynamic analysis were given as the

"strength factor" input. These ratios varied for different layers of

- : =: -- :' ... .. "-- ... ... ' ' 1III - " 11 . ..... I I- i S... ... i ' ' l"
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materials. In the second set of data the strength factor was kept at

the constant value of 32 for all layers. Peak values of horizontal and

vertical displacements, resultant velocity and shear strain amplitude

for both cases revealed significant differences. Plates B-1, B-2, B-3

and B-4 of Appendix B represent these relations, respectively. In all

of the graphs, use of variable strength factor, which was obtained

experimentally, yielded considerably lower displacement, velocity and

shear strain profiles for the soil column. The maximum horizontal and

vertical displacements with variable G/s ratio are about 15 percent ofu

those with G/s ratio of 32. Likewise the maximum resultant soil
u

velocity and the maximum shear strain amplitude are about 10 percent of

those with G/s ratio of 32. This occurrence is most significant withu

regard to foundation analysis of offshore structures. With the proper

knowledge of Gmax value through more refined techniques of evaluation,

as illustrated in the study herein, more economical designs can be

accomplished. The so called P-y curves for offshore piles are obtained

through the knowledge of the lateral soil displacements and velocities

and to what depti. they are significant and influential to design

criterias. By introducing this new technique of evaluating strength

factor, favorable changes in estimating foundation design criterias

towards a more economical design can be brought about.

The viscoelastic sub-bottom wave interaction analysis considers the

loading of a continuous sinusoidal wave train. This type of loading

does not involve number of cycles of loading affects, which is critical

in soil dynamics analysis due to pore pressure response, degradation of

backbone curve, and reduction of shear modulus. Recognizing this

limitation and in an effort to represent the soil column with more

...........................
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detailed mechanical properties, the second numerical analysis approach,

namely NONSAP, was adapted.

4.4.2 Results of NONSAP

The use of the finite element program, indeed, offered capability

of specifying more mechanical material properties, and flexibility of

representing the soil column with different boundary conditions. In

addition to this, cyclic loading of the system yielded distinct results

from that of viscoelastic sub-bottom model.

As discussed in Chapter 3, two types of boundary conditions were

considered in this analysis, a fixed boundary and a laterally free

boundary. The latter case can also be described as a "frictionless"

boundary, where the material moves with no lateral resistance. The

results for this second case of boundary condition are given in plates

B-5 through B-10. The number of cycles effects are observed readily

through these graphs. The horizontal and vertical clay displacements

increase in magnitude with increasing number of cycles. However, the

increase is not at a steady state but rather in a decreasing manner.

The intervals between cycles 8, 10 and 11 are considerably smaller than

the intervals between cycles 1, 2 and 5. The last three cycles also

tend to cluster together at about the same values. The same trends are

observed for the horizontal and vertical velocity profiles. The

acceleration data are very scattered and do not show consistency in

relation to the number of cycles of loading, therefore they are not

represented by smooth curves but given as data points to illustrate

their order of magnitude.

Use of frictionless boundary and allowing the mass to "slide" over

the firm base material did not produce critical values of displacement
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and velocity. The displacement and velocity terms associated with the

fixed boundary case were larger. The frictionless boundary node

sequence was expected to behave more critically, but the results did not

indicate such occurrence. Further work needed in this area in order to

simulate an independent frictionless boundary material. An attempt, to

do so with both bottom nodes allowed for lateral movement resulted in

instability of the system, and therefore was abandoned.

The fix boundary node sequence, on the other hand did produce

satisfactory results of displacement and velocity profiles. Plates B-11

through B-16 of Appendix B present the displacement, velocity and

acceleration profiles, respectively. There is a steady increase in

horizontal and vertical displacement magnitudes with increasing number

of cycles of loading, as observed from plates B-11 and B-12. The

"decreasing interval" effect, observed in the previous case, is not

encountered in these profiles. On the contrary, a steady state increase

is observed. An interesting feature is, for the second cycle of loading

the horizontal displacement profile reverses and falls below the first

cycle profile. With increasing number of cycles of loading, it picks up

and increases steadily. The horizontal velocity profile also shows

dynamic effects by moving from positive to negative values steadily.

The acceleration profiles again resulted in a very scattered layout of

points. An attempt to pass smooth curves through these points resulted

in very many different modes and harmonics of the acceleration with

increasing number of cycles, and was not very informative. Therefore,

they are presented in the original form to give the reader an insight of

the order of magnitudes of these acceleration values.

._ . ..
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The maximum horizontal clay displacement for N - 11, for the fixed

end case, was approximately 0.6 m at the surface. This in turn

corresponded to a shear strain of 1.0 percent. Information of this type

for various depths of material is helpful in finding the existing shear

moduli values at each depth using the family of curves of shear modulus

presented earlier. This study, suggested herein, was not conducted.

However, it is recommended for further work on this subject matter.

The maximum displacement and velocity profiles for the first cycle

of loading were plotted for comparison purposes with the viscoelastic

model results. They are given in plates B-i7 through B-20. The

horizontal displacement profile is considerably different than that of

viscoelastic model. The maximum displacement for the viscoelastic model

corresponds to a depth around 8-10 m, while it corresponds to the

surface in NONSAP model. Their values are quite different also. The

maximum horizontal displacement for viscoelastic model is about 0.016 m,

while it is about 0.210 m for the latter model. Likewise, the vertical

displacement values are 0.040 m and 0.182 m, respectively. The

horizontal velocity values are 0.026 m/sec for the first model and 0.097

m/sec for the second model.

These differences can generally be attributed to the logic and

system of the two different program packages, or to the differences

between the loading condition generated by the viscoelastic model and

the loading which is specified by the user in program NONSAP. The

viscoelastic model is specifically designed for mud flow problems and

therefore can be readily chosen to simulate such a case. On the other

hand, NONSAP is a general purpose dynamic analysis program with

flexibility of defining the material and loading conditions more

L o , f 7ililli-'llliii iiij.-liliil
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realistically. Therefore, the results obtained through both of the

models can only be verified with actual data measured in-situ. At this

stage of work, this type of verification is not available, at least

within the scope of this research. However, for further work one could

analyze and compare both results and chose the most critical solution

depending on in-situ data and previous records. It is important to note

that, NONSAP solutions while incorporating the number of cycles of

loading effects, does not reflect any degradation or pore pressure

response. Only the reduction of shear moduli are accounted for.

Finally, the critical state parameters were utilized in an attempt

to obtain a different type of mud-flow simulation. As discussed in

Chapter 3, the shear modulus and shear strength at critical state of the

soil constituted the main ingredients for this numerical simulation.

The material was initially assumed to have reached its critical state

throughout the entire depth and ready to deform continuously with

minimum resistance. Using the Drucker-Prager material model

(elastic-perfectly plastic), before half of the first cycle of loading

was completed, due the large shear stress increments within the top

layer (about 7 m) of material, instability occurred and no solution was

available in terms of strains and displacements. The material with

3 critical state strength parameters was not able to take stresses by

straining or yielding when the loading was continued. The maximum

displacement at the end of the first half cycle of loading was

approximately 0.20 m at the surface of the soil column. Likewise, the

vertical displacement was about 0.23 m, and the horizontal velocity was

0.12 m/sec. The material model was changed to Von Mises type with a

very small strain-hardening modulus (-0.001 kPa), in order to simulate a

i
I
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material close to elastic-perfectly plastic model. The rest of the

strength parameters were kept at critical state. Under these conditions

the maximum horizontal and vertical displacements for the first cycle of

loading were 0.41 m and 0.19 m, respectively. The maximum horizontal

velocity was 0.12 m/sec. Note that the horizontal displacement is

doubled compared to the initial maximum value, while the vertical

displacement and the horizontal velocity values are approximately the

same.

Attempting to use program NONSAP with critical state soil

parameters and continued cyclic loading failed in principle. However,

this is only logical since the program is not originally designed for

such high loading conditions of materials which are softened down to the

state of strength at which continuous deformation or "flow" is expected.

- -U
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Table 5

Regression Constants for Curve Fitting of G versus y

Depth From x(05Standard
!4udline 1 l A' (0 B' (104 ) ei o

(M)(10)

0.244 0.01433 912.00 -13.915 -11.490 1.442

210 0.00905 920.00 -21.830 -10.934 1.941

2.980 0.00618 1,279.00 - 1.788 - 9.654 1.224

3.900 0.00977 1,007.00 - 8.440 -13.370 3.458

7.560 0.00315 2,256.00 - 2.636 - 5.974 0.959

8.470 0.00359 2,229.00 - 3.908 - 4.520 0.582

9.390 0.00279 3,481.00 - 1.140 - 4.190 0.173

12.040 0.00499 1,726.00 - 5.796 - 6.168 1.040

13.350 0.00242 2,940.00 - 1.076 - 3.486 0.391

16.400 0.00272 3,249.00 - 3.607 - 3.010 0.212

19.440 0.00193 4,303.00 - 1.409 - 2.440 0.581

22.500 0.00317 2,413.00 -52.741 - 4.280 0.743
28.600 0.00419 1,777.00 - 7.408 - 6.215 1.755

31.640 0.00377 1.942.00 - 8.543 - 4.899 0.870

34.680 0.02292 1,361.00 - 8.807 - 7.364 0.633

37.730 0.00286 2,577.00 - 4.806 - 4.182 0.757

40.780 0.00511 2,075.00 - 5.195 - 5.397 0.941

46.880 0.01452 3,069.00 - 2.035 - 3.793 0.149

59.070 0.00312 4,853.00 - 2.164 - 2.331 0.267

71.320 0.000377 26,881.00 - 0.744 - 0.284 0.032

101.800 0.000515 36,531.00 - 0.037 - 0.536 0.019

*107.650 0.000234 69,437.00 - 0.225 - 0.112 0.007
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Table 6

Damping Information and Rayleigh Damping Coefficients

Depth From D
Mudline min min 8

(m) (%) (Hz)

0.244 0.1661 5.74 0.0095 0.00029

2.100 0.1801 4.35 0.0078 0.00041

2.980 0.1549 5.47 0.0085 0.00028

3.900 0.0817 4.70 0.0038 0.00017

7.560 0.1588 7.01 0.0011 0.00023

8.470 0.1468 6.99 0.0103 0.00021

9.390 --

12.040 0.1159 6.57 0.0076 0.00018

13.350 0.1438 9.32 0.0134 0.00015

16.400 0.0994 9.37 0.0093 0.00011

19.440 0.1778 9.99 0.0178 0.00018

22.500 0.2391 7.30 0.0174 0.00033

28.600 0.1660 6.67 0.0111 0.00025

31.640 0.1839 6.97 0.0128 0.00026

34.680 --

37.730 0.1315 7.73 0.0102 0.00017

40.780 0.1246 7.12 0.0089 0.00018

46.880 0.0854 7.68 0.0065 0.00011

59.070 0.1201 10.99 0.0132 0.00011

71.320 0.2006 25.00 0.0502 0.00008

101.800 --

107.650 0.1097 40.47 0.0444 0.00003
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Table 7

Regression Constants for Curve
Fitting of T versus y

Depth From 4 -1 Stancesrd
Mudline A (10 ) B (10 ) Devia~on

(mn) (10- )

0.244 9.761 7.538 2.595

2.100 10.418 5.124 3.302

2.990 10.900 5.615 22.666

3.900 12.047 3.400 14.114

7.560 4.864 4.730 2.588

8.470 4.689 4.496 4.919

9.390 3.417 2.154 4.827

12.040 5.626 4.559 5.011

13.350 3.108 7.866 25.027

16.400 2.915 2.819 1.638

19.440 2.630 2.877 4.806

22.500 3.841 3.119 12.120

28.600 5.692 3.058 1.685

31.640 4.972 3.397 1.761

34.680 6.175 5.112 5.165

37.730 3.872 2.606 1.431

40.780 5.047 3.030 4.426

46.880 2.750 3.674 0.458

59.070 2.007 1.511 0.937

71.320 0.369 0.220 0.108

101.800 0.284 0.770 0.102

107.650 0.135 0.121 0.074

-- L -- -UW"
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Table 8

Shear Strength Data of Core Samples

Depth From Max. Shear* Max. Cyclic* Cyclic Yield* Undrained+
Mudline Modulus Shear Strength Shear Strength Shear Strength

(m) G (kPa) T max (kPa) Ty (kPa) s (kPa)

0.244 1,015.00 1.73 1.04 5.40

2.100 961.50 1.95 1.37 8.06

2.980 1,624.80 1.78 1.27 6.45

3.900 1,122.80 2.94 1.70 8.12

7.560 2,232.50 2.11 1.75 7.50

8.470 2,320.70 2.22 1.81 ---

9.390 3,725.40 4.64 3.53 10.16

12.040 1,812.00 2.19 1.71 9.26

13.350 3,165.00 1.27 1.17 13.41

16.400 3,324.50 3.55 2.89 11.80

19.440 4,439.70 3.48 2.94 14.60

22.500 2,473.00 3.21 2.54 ---

28.600 1,833.50 3.27 2.32 ---

31.640 1,986.00 2.94 2.23 9.70

34.680 1,621.00 1.95 1.54 7.14

37.730 2,636.50 3.84 2.93 8.91

40.780 2,173.30 3.30 2.43 ---

46.880 3,782.70 2.72 2.35 11.77

59.070 4,997.00 6.62 2.12 17.22

71.320 26,475.50 45.62 33.25 102.31

101.800 37,918.00 .........

107.650 69,163.30 82.55 66.88 143.20

**Values from Resonant Column Test
+Values from Undrained Shear Strength Test
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Chapter 5

CONCLUSIONS AND RECOMMENDATIONS

A number of conclusions were drawn from the study presented herein.

Mud-flows in the Gulf of Mexico are potentially hazardous to the

offshore structures located in the area. Foundation analysis for these

structures are conducted with regard to this problem, and continued

research provides different solutions to obtain the design parameters.

The existing methods are limited either by inability to define the

actual conditions closely or by lack of reliable data. In this study

the effort mainly concentrated on showing the use of an experimental

technique to obtain more realistic data and use of analytical solution

techniques with different flexibilities that aid in defining the problem

conditions. Finally, the following conclusions were drawn.

1. Resonant column apparatus can be used effectively to obtain

dynamic properties of marine sediments in laboratory. The

data obtaned through this method reflects more realistic

properties than other laboratory methods used for the same

purpose earlier.

2. More economic designs for offshore piles can be achieved -ihen

the resonant column test results for maximum shear modulus are

used in an existing numerical solution technique. The

displacement, velocity and shear strain profiles obtained

through this solution tend to be much lower in magnitude when

the experimental G values are used instead of an analyticalmax

value.

154
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3. The G/su ratios obtained through this method tended to range

between 140 to 470 for Boring B-6 of Main Pass Block 70 in

Gulf of Mexico, from the mud-surface down to a depth of 110 m

of soil column. The average value of the ratio was estimated

to be 250 for the top 70 m of the material (refer to Plates

A-75/A-76 of Appendix A).

4. The maximum cyclic shear strength was estimated to be

approximately 3.00 kPa, while the yield cyclic shear strength

(Von-Mises Criterion) was estimated around 2.00 kPa for the

upper 60 m of soil column. On the other hand, the undrained

shear strength, measured through triaxial tests, ranged

between 5.00 to 15.00 kPa for the same column of material

(refer to Table 8).

5. Dynamic shear modulus values displayed a relative uniformity

ranging between 900.00 and 5,000.00 kPa for the top 60 m, and

increased suddenly to much higher values (-70,000.00 kPa) at

around 120 m o ,epth from mudline (refer to Plates A-25/A-26

of Appendix A). The damping ratio of the upper soft sediments

had a mean value of 3.5 percent around the vicinity of

0.5 percent shear strain amplitude. The average minimum

damping ratio for the entire material of Boring B-6 was

approximately 0.15 percent (refer to A-33/A-52 of Appendix A

and Table 6).

6. Family of shear modulus profile curves for various shear

strength amplitudes, produced from resonant column data, can

g be used as a design "tool" with the proper knowledge of shear

strains Induced within a soil column of a certain depth due to

1
I
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cyclic wave loading. Existing shear moduli can readily be

estimated for different depths after a design storm laoding,

using these graphs.

7. A finite element program can be adapted to incorporate the

number of cycles effects of cyclic loading which is not

considered in the existing numerical solution technique for

mud flow analysis. The program used in this case is NONSAP.

8. Critical state soil mechanics has a relevant application to

mud flow problems. The Cam-Clay model of critical state soil

mechanics is readily viewed as one of the modeling procedures

to obtain information about the state of soil mass before it

starts flowing under cyclic loading effects.

9. The critical -tate model and the effort to analyze it with the

numerical solution method presented herein is by no means

final and needs to be studied both experimentally and

analytically in detail. The validity of the assumptions made

in applying the model to the sediment samples and the problem

of mud flows should also be studied further. However, in

spite of the shortcomings of the numerical analysis at

critical state, the model i,, viewed to be a powerful tool in

explaining some of the mechanisms that prepare mud-flows.

The finite element program, NONSAP, apart from having favorable

flexbillities is rather a cumbersome method for cyclic load analysis.

The program package being very sensitive to various data input modes

(i.e., loading rate), is not a practical solution method for mud-flow

analysis. However, other finite element programs, specially devised for

cyclic loading concept of soils (i.e., pore pressure and degradation

-" Ad
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response) are available, and further search on this subject matter is

recommended.

Critical state model having the potential of use for better

understanding of sediment behavior under cyclic loading, is recommended

to be included in research on the subject matter of mud flows.

Finally, due to the inevitable sample disturbance that complicates

most laboratory analysis of soil properties, in-situ techniques of

measurements are generally suggested for important foundation design

procedures. Experiencing the same "handicap" with the resonant column

analysis, and being unable to measure excess pore water and gas

pressures that actually exist in the sediments at high magnitudes, more

refined techniques of measurements are recommended. These techniques

possibly can range from modifications of the resonant column analysis

(i.e., using back pressuring, correcting data with regard to

disturbance) or turning to in situ techniques (acoustic and seismic

moduli measurements, in situ pore pressure measurements, i.e., French

self-boring piezo-pressuremeter).

The overall effort of this study was to highlight a better

technique of laboratory data acquisition to be used in already existing

numerical methods to simulate sediment flows in the Gulf of Mexico.
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APPENDIX A-i

BULK AND DRY UNIT WEIGHTS PROFILE
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APPENDIX A-2

WATER CONTENT AND PLASTICITY PROFILE
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APPENDIX A-3/A-24

VARIATION OF NORMALIZED SHEAR MODULUS WITH SHEAR STRAIN
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APPENDIX A-25/A-26

VARIATION OF SHEAR MODULUS WITH DEPTH FOR
DIFFERENT SHEAR STRAIN VALUES
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APPENDIX A-27/A-32

VARIATION OF SHEAR MODULUS WITH NUMBER OF CYCLES
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APPENDIX A-33/A-52

VARIATION OF DAMPING RATIO WITH SHEAR STRAIN
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APPENDIX A-53/A-74

CYCLIC SHEAR STRESS-STRAIN CURVES
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APPENDIX A-75/A-76

VARIATION OF S -NORMALIZED SHEAR MODULUS WITH
DEPTH FOR DYFFERENT SHEAR STRAIN VALUES
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APPENDIX A-77/A-78

VARIATION OF T -NORMALIZED SHEAR MODULUS WITH
DEPTH FOR DYFFERENT SHEAR STRAIN VALUES
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APPENDIX A-79/A-8O

VARIATION OF NORMALIZED SHEAR MODULUS WITH
yy- NORMALIZED SHEAR STRAIN
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APPENDIX A-81/A-84

COMPRESSION CURVES FOR UNDISTURBED AND REMOLDED SAMPLES
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APPENDIX B-I/B-4

STATIC AND KINEMATIC PROFILES OBTAINED FROM VISCOELASTIC
SUB-BOTTOM WAVE PROPAGATION INTERACTION ANALYSIS
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THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SRMPLES OF GULF OF MEXICO

HORIZONTAL CLAY DISPLACEMENT M .
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THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SRMPLES OF GULF OF MEXICO

VERTICAL CLAT DISPLACEMENT M .
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THE VARIATION OF STRAIN AMPLITUDE WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

MAXIMUM SHEAR STRAIN AMPLITUDE .2
A.O00 a.11oo0 a .sooo 1.2000 1.6000 2.0000 2.'a000 2.8000 u.2000 3.6000 4.0000

rrlPEAK SHEAR STRAIN

G/Ca VARIABLE

c~k PERK SHEAR STRAIN

G/Cu 32.0
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THE VARIATION OF SOIL VELOCITY WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

RESULTANT SOIL VELOCITY , M/SEC
9910000 0.0200 a.oicoo 0.0600 0,0900 0.1000 0.13200 0.1400 0.1600 0.1800 0.200

ca

-G-



267

IiI

APPENDIX B-5/B-1O

STATIC AND KINEMATIC PROFILES OBTAINED FROM NONSAP
ANALYSIS FOR THE LATERALLY-FREE-BOUNDARY CASE
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THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

HORIZONTAL CLAY DISPLACEMENT ,(M.)

d ,0000 o0.0250 0.0100- 0.,0750 0,1000 0.1250 0.3500 0.3750 0.62000 0.2250 0.2!.-
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THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

.070 .~oo .o'soVERTICAL CLAY DISPLACEMENT, (M.) .U .60 005
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THE VARIRTION OF CLRY VELOCITY WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

HORIZONTAL CLAY VELOCITY . (M/SEC)
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THE VARIATION OF CLAY VELOCITY WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

VERTICAL CLAY VELOCITY ,(M/SEC)

.0500 -(.01100 .0300 * 0200 -. 0100 0,0000 0.0100 0,0200 0..0300 0.01100 0.0500
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THE VARIATION OF CLAY ACCELERATION WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

HORIZONTAL CLAY ACCELERATION . (M/SEC2)
i.0900 -(.0806 1 000 -C.0200 .0000o _ 0,0200 0.0400o 0 0600 mo8o 0.3000 0.112
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THE VARIATION OF CLAT ACCELERATION WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

VERTICAL CLAY ACCELERATION . (M/SEC2)
.0700 -0.0800 -q .0500 -0.0400 0.0300 -q .0200 -(.0100 0.0000 _0.0100 0.0200 0.0300

- 3(+ 10 - -- -
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APPENDIX B-11/B-16

STATIC AND KINEMATIC PROFILES OBTAINED FROM NONSAP
ANALYSIS FOR THE FIXED-BOUNDARY CASE



THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

HORIZONTAL CLAY DISPLACEMENT ( m.)
d 0060 6.075o0 .1560 0.2250 C.80o00 B.875 0.6500 0.5250 0.600 0.6750 0.7500
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THE VRIRTION OF CLRT DISPLACEMENT WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

VERTICAL CLAT DISPLACEMENT *(M.)
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THE VAHRTION OF CLAY VELOCITY WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

4.0500HORIZONTAL CLAY VELOCITY , (M/SEC)
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THE VARIATION OF CLAY VELOCITY WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

VERTICAL CLAY VELOCITT . (M/SEC)
a. 0000 0.0050 0.0100 0.0150 -0,0200 0.0250 0.0300 8.0350 0104L00 0.04&S0 0.0V.
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_7THE VARIATION OF CLAY ACCELERATION WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

HORIZO~NTAL CLAY ACCELERPTION . (M/SEC2)
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THE VARIATION OF CLAT ACCELERATION WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO
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APPENDIX B-17/B-20

MAXIMUM STATIC AND KINEMATIC PROFILES OBTAINED FROM NONSAP
ANALYSIS FOR THE FIRST CYCLE OF WAVE LOADING
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THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

HORIZONTAL CLAY DISPLACEMENT ( M.)
a.O0SO 0.0250 0.0500 0. 0750 001000 0.11250 0.dIBo O0.1750 0. 2m0 0.2250 0.210
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THE VARIATION OF CLAY DISPLACEMENT WITH DEPTH
DEEP CORE SAMPLES OF GULF OF MEXICO

VERTICAL CLAY DISPLACEMENT ,(M.)

d ,0000 -C.0200 - .040 - 060 -C.08 00 -. 10 .20 -(.Iwo0 .1300 -(.1800 (.21000
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THE VARIATION OF CLAY VELOCITY WITH DEPTH
DEEP CORE SANPLEs OF GULF OF MEXICO

HORIZONTAL CLAY VELOCITY . (M/SEC)
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THE VARIATION OF CLAY VELOCITY WITH DEPTH
DEEP CORE SRMPLES OF GULF OF MEXICO

VERTICAL CLAT VELOCITT . (M/SEC)
a. 0000 0.0100 0,0200 0.0500 0.0400 0.0500 0.060oo03.0700 0.0600 0.0900 0.1000
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COMPUTER PROGRAMS,
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APPENDIX C-1

LISTING OF THE BASIC PROGRAM DEVISED FOR RESONANT
COLUMN TEST DATA REDUCTION
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100 REM * THE NAME OF THIS PPOGRAM IS 'PESONCOL'
1910 REM * WRITTEN BY 3. K POPLIN
1020 REM * LATEST REVISION - JUNE 5 .1%0 - BY SIBEL PAMUYCU
1030 REM * THIS PROGRAM IS DEVISED TO REDLCE DATA FPROM

RESONANT COLUMN TESTS
140 DIM 1*64, D164.. D'18., L(5. D5('"N, A-2 0)
1050 Ys-"YES"
1060 0-980 66 :REM ACC OF GRAVITY IN CM.SEU'2
1070 SELECT PRINT 005
1080 Z$-"*"
1090 GOSUB '10

1100 GOTO 1140
1110 DEFFN' 10 REM * SUBROUTINE TO PRINT A LINE OF CHAPRACTEPS
1128 FOP I- TO 64 PRINT Z3 .NEXT I
i3 RETURN
1140 PRINT HEX(OAN; ****w* DATA REDUCTION FOP RESONANT COLUM
N TESTS *w'w*w'";HE, 0A
1150 INPUT "IS : 57-CM el. 4 IN. > NIAM SPECIMEN t.SED" Pit
1168 IF RI*.>Y* THEN 1190
1170 30-28 44 :REM * .T IN GM-CM-SEC-2
1180 GOTO 1230
1190 INPUT "IS 7 ±1-CM (2. e IN >DIRM SPECIMEN USED" ,P2T
1200 IF R2#C -Y# THEN 2660
1210 30=29. 97 :REM * .0 IN GM-CM-SEC-2
1220 GOTO 1220
1230 INPUT "DATE ",DS
1248 INPUT "TEST NO "., T
1250 INPUT "IDENTIFICATION ",Is
1260 INPUT "DESCRIPTION OF SOIL ". DIS

1270 PRINT TAB(l18; "+++ + ENTER SOIL SPECIMEN DATA .. ++

1280 INPUT "wAS DIAMETEP MEASURED OVER MEMBPRANE ",P2*

1290 INPUT "HOW MANY DIAMETEP MEASUREMENTS TO BE AVERRGED", N
1380e Di-0
1?10 PPINTUSING 1220
1328 MEASUPEMENT NO. DIAM (CM)

1330 FOR I11 TO N1
1340 PRINT " "; I,; 1"; : INPUT v"I>"
1350 -1-D±+D I'
1360 NEXT I
1370 D-DI/N±
1380 IF R3<>Y$ THEN 1410
1390 INPUT "DOUBLE THICKNESS OF MEMBRANE (CM> ",T1

c -1

a
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1400 DD-TI
1410 INPUT "HOW MANY LENGTH MEASUREMENTS TO BE AVEPRAGED". N2
1420 INPUT "WAS LENGTH MEASURED DIRECTLY", P4$
1430 IF 4.C'>Y$ THEN 1450
1440 GOTO 1470
1450 INPUT "WAS LENGTH MEASL.ED BETWEEN TOP OF MOLD AND TOP OF .
PPEP CAP", P.55
1460 IF P5$':>t THEN 2660
1470 PRINTUSING 1480
1480 %MEASUREMENT NO LENGTH <CM'

1490 LI-S
1500 FOR 1= 1 TO NZ
1510 PRINT " ".; I.": I.NPUT L I)
1520 LI-LI+L<I)
153 0 NEXT I
1540 L-Li/N2
1550 IF P45=v THEN 1600
1560 IF Pl*S THEN 15.0
1570 L-L 1000
1580 GOTO 1600
1598 L"L+. 161
1600 INPUT -------- WET WEI GHT OF SPECIMEN IGM' - "WI
1610 INPUT "I5 DRY WEIGHT KNOWN ",RS
1620 IF R*C>V* THEN 1(,6S0
1630 INPUT "------ DRY WEIGHT OF SPECIMEN (GM'l - ",10
1640 W (WI-WO .)/IWO
1650 GOTO 1710
1660 INPUT "IS WATEP CONTENT KNOWN",R'$
1670 IF P$<?$ THEN 2660
1680 INPUT -------- WATEP CONTENT '%) "AW
1690 W-N/100

1700 WO-WI/<I+W)
1710 V=OP I *D-2*L/4
1720 GI-WI/V GO-We/V
1730 JIs(W1*D-2')/(8*G'l
1740 J1t/.Je
1750 850OP'J>
1760 FOP Y-I TO 20
1770 A-J-B*'TAN'e)
1780 IF RBSeRA<IE-OE THEN 1820
1790 B-BA
1800 NEXT K
1810 GOTO 2660
1820 C2-(WI/V)*(2'#PI'L/B> 2

~C1

it boa
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1830 R=I/C1-.27*I/J)C-. 92))
1846 S3-14. 74*DL
1850 PRINT HEX<6A);TAB<l0); "+ +++ ENTER INITIAL CONDITIONS FOP
TEST .+++"
1860 INPUT I - INITIAL POPE PRESSURE PDG eMR . " PO
1870 INPUT ' ------ INITIAL LENGTH GURGE PDG f10-3 CM-." Le
1880 SELECT PRINT 215
1896 GOSUB t16
1966 PRINT HEX<CROE TRB'6E; "PESONANT COLUMN TEST"-PPINT HEX(OA',
1918 GOSUB '16
1928 PRINT HEXC6R; "TEST NO - T*. TAB,'40); "DATE - ".. HEM"O[,"
jI.; HEDI);"SOIL DESCRIPTION - ";Di $PRINT HEX(0A'
1930 PRINTUSING 1940. WI. .D W0. L.. W*1. V
1940 XWEIGHT - WET - ###f*# GM DIAMETER - **.#** CM
1946 %WEIGHT - WET - ##00.00 GM DIAMETER - #* 0* CM

- DRY - #*## ## GM LENGTH - #0 *0* CM
WATER CONTENT - ### # X VOLUME -#* *# CLI CM

1958 PRINTUSING 196G.. 01. G0
196 v WET D.Y

MASS DENSITY 6*64 ## #** GM./CU CM
1970 PPINTUSING 1980, G1*9 1,00*9 .81G1 *62 5. G0*62 5
1980 XUNIT WEIGHT *6* *6* ##. # KN/CU M

*6*. 6* 4*### 6 PCF
1990 PRINTUSING 200, 31
206 %MASS POLAR MOMENT OF INERTIA - 66* 4*0* GM-CM-SECU2
26±6 PRINT HEXCOR)' "-- OUTPUT ==
-================ PRINT HEX(eA)
2020 SELECT PRINT 605
2830 PRINT HEX(e6A)TA8CIO);"++.. ENTER TEST DATA ....... " PRIN
T HEX(OA)
2040 INPUT "HOW MANY SETS OF DATA TO BE PROCESSED", N
2650 PRINT HEX(6R)
2066 FOP Z=1 TO N2
2070 PRINT HEX6A, "<<<.<<< CCC<<<<<<<<<<< DATA SET NO. "; Z."

":PRINT HEX(eA'
2686 INPUT '---CONFINING STRESS (PSI) .............. "C5
2090 INPUT "---POPE PRESSURE PG <MPA' . ...... P
.210 P-CPI-P6)*1600
2110 INPUT ------ LENGTH CHANGE RDG (1-3 CM) . .",L1
2126 L2-"<L-Le/1000
2130 SELECT PRINT 215
2140 PRINT HEX(OA;:Z$s"+" GOSUB "10-PRINT HEX(OA)
2150 PRINT HEXC6Atj"C.CCCCCCCCCCCCCCC<<C DATA SET NO. ;Z.; " >

C-I
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2150 PRINT HEXCOA).; "CCCCCCC',CCCCC'ZQ.C DATA SET NO. " Z
":PRINT HEX0AO)

2160 PRINTUSING 217, C *6 89e5, C5, P, P.'6 895. L2, L2/2 505
2170 .CONF STRFSS w #, *#.# KN/SO M -- a. 0## 00 PSI

PORE PRESS a #0 KN/SO 1 -- 0.000*0 PSI
LENGTH CH - # 0*# CM -- 0 000*0 IN

210 PRINT HEX ,0A.
2190 SELECT PPINT 065
220 PRINT HEX(OR)
2210 PRINT HEX,.OA , : : Z.."+" :GOSUeS '10:PPINT HEXeORA'
2220 PRINT TAB'10'; "***** DATA AT RESONANT FPEQIENCY ,W***,
2230 INPUT "IS PESONRNT FREQUENCY RECORDED ", P
2240 IF R$<.>Y THEN 2270
2250 INPUT .... RESONANT FREQUENCY (HZ) . ", F
2260 GOTO 2220
2270 INPUT "IS RESONANT PEPIOD PECORDED "I.Pt
2280 IF R#.>Y* THEN 2660
2290 INPUT ........- RESONANT PEPIOD (MSEC) ........ . . T
2300 F-1000/T
2310 PRINT **** PESONANT FPEOUENCY IS ";F;*" HZ *W"*:
2320 INPUT--------- DPIVING COILS VOLTAGE PDG (MV-PMS) ". CI
230 INPUT .... ACCEL OUTPUT VOLTAGE PDG fMV-PMS, . A..Rl
2340 PRINT HEX(0A); :Z$="-" GOSUB 'lOPPINT HEX 0A')
2350 PRINT TAB(10);"'*w*w DATA AT COP2)' RES FRED" ***.w"
2260 INPUT "FPE PERINGS AVAILABLE ".PR
2370 IF RP<>Y* THEN 2290
2380 GOTO 2420
2390 INPUT "CAN READINGS FPOM PPEVIOUS DATA SET BE USED ".. PS
2400 IF PS<>Y THEN 2660
2410 GOTO 2480 -REM DAMPING CALCULATED FROM MOST RECENT PG
2410 GOTO 2480 -REM DAMPING CALCULATED FROM MOST RECENT RDG

242b PPINTUSING 2420, F, SOP(2', T/SPP(2)
2430 %------ -FREOUENCY SHOULD BE 0. #* ## HZ

PEPIOD SHOULD BE 00 #0 MSEC
2440 PRINT HEXOR)
2450 INPUT --....... RIVING COILS VOLTAGE RDG (MV-PMS) ".,C4
2460 INPUT "-----A CCEL OUTPUT VOLTAGE RDG <MV-RMS) . ",A4
2470 D2-A4/(C4*4*P) :REM * DCF
2480 D9U=l.CI/A± :REM * DAMPING PRATIO IN DEC FRRCT
2490 G9C -(F-2) :REM * SHEAR MODULUS IN DYNES/SO CM
2506 G8-G91E-04 :REM * SHEAR MODULUS IN KN/SQ M
2510 VS-SOPRG/Gi) :REM * VS IN CM/SEC
2520 59S3*A LE-04/F-2 :PEM * STRAIN AMP IN DEC PATIO
2530 SELECT PRINT 215

C-1
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2540 PRINTUSING 2550,FT
2556 %RESONANT FREO = 000 000 HZ RESONANT PERIOD s # #00 M
SEC
2566 PRINTUSING 2570 G8, 08*26 66, V9?/6, V9/30. 46
2570 .SHER MODULUS = **0, OW. 0*0 KN/SO M -- *0*. 000. *0* PSF

S-WAVE VEL = *0, *0 M/SEC -- *0,*# 0 FT/SE
C
2586 PRINTUSING 2590. S9., 9*00., D9-100
2590 %STRAIN RMP - PAD -- 0 *0.."

DAMPING PATIO = 0.0# X
2600 PRINT HEXC6A"
2610 SELECT PRINT 005
2620 NEXT Z-
2630 SELECT PRINT 215
2640 PRINT HEX'0AZ :tr=- ... GOSUF '10 PPINT HEX(OA'
2650 GOTO 2670
2660 PRINT "!'!!!!''!IIIIII!!!!''!! E*PR'*PR O*R * *I 'I *I II ''

DOES NOT CONFORM TO PROGPRAM FOPMAT------------------
":STOP
2670 INPUT "ARE AMPLITUDE DECRY (RUN DOWN) TEST DRTA AVAILABLE".
PS
2680 SELECT PRINT 005
2690 IF RP<>YS THEN 3090
2700 INPUT "SCOPE SCALE FOR COIL VOLTAGE (MV/DIV) ",Si

2710 INPUT "SCOPE SCALE FOR RCC VOLTAGE (MV,DIV) ",52
2720 INPUT "---- FREQUENCY <HZ ................ . F1

2730 INPUT .... DRIVING COILS VOLTAGE (MV-PMS, ".C9
2740 INPUT .. ACCEL OUTPUT VOLTAGE <MV-PMS) ..... ".R9
2750 INPUT "AMPLITUDE OF ACCEL OUTPUT TRACE BEFORE POWER SHUT (r,
IV) ",A(I>
2760 INPUT "NUMBER OF CONSECUTIVE AMPLITUDES READ AFTEP POWER SH
UTOFF", M
2770 PRINT "CYCLE AMPLITUDE (DIV)

2780 FOR K-I TO M
2790 PRINT " ";K;" "INPUT Ar+I>
2800 NEXT K
2810 SELECT PRINT 215
2820 PRINT HEX(0ROR' TABC2O), "/////// DAMPING RATIO BY RMPLITU
DE DECRY METHOD /////////////":RINT HEXCOA)
2839 PRINTUSING 2840, Fi, C9, R9
2840 XFREOUENCV = *000 *0 HZ COIL VOLTAGE = 00,00*0 MV 'RMS'

ACC VOLTAGE = 0*, 000. 0 MV <RMS'
2850 PRINTUSING 2860. SI, 52

cI
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K

2868 XSCOPE SCALES ------ COILS 666,0*6 MV/DIV

2870 PRINTUSING 2880 ACCEL MV/C*IV

2880 XCYCLE AMPLITUDE RATIO <%)
0 10 20 30 40 58 68 78 88 90 108

-- ---------- -- ------------------------------------

2890 PRINT "8'j TABe(5)." +" TAE55; *"

2908 FOR' K-i TO M
2918 V- INT (50* iA<Fl.R1 5

2920 PR INT K.;TAB (5, "+"TAB V);"*
2930 NEXT K
2940 PRINT HEX(OA)

2Q50 F'INTUSING 296A
2960 %CYCLE DAMPING RATIO 1%)

2978 D5=8
2988 FOR K-I TO M
2990 SK (O(()RKI /2#I

'

3000 PPINTUSINj 3010. K, D5K.*100
2010 %# #6 ##
3020 D5-D5.D5(+<K
3838 NEXT v
3048 D6-<D5MWI
3050 N-INTM.'2)
3060 E7C<LOGAr.±X/A(N' ))/f2*PI*N;

3070 PRINTUS!NG 3088, D6E100.[D7*21003880 %==------------------------------

AVEPRAGE = ###.## % PEP MID POINT ##### %

3090 STOP

4 -1
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APPENDIX C-2

PART OF AN EXAMPLE REDUCED RESONANT COLUMN TEST DATA
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F¢ E--=SONMNT COLAJIMN TKS<=T

TEST NO. - DATE - A1.UG'ST/±981
DEPTH : 8 47 M.
SOIL DESCPIPTION - SOFT DAMP CLAY

WEIGHT - WET - 149 8 GM DIRMETEPR - 2. 778? CM
- DPY - 84 97 GM LENGTH - 8. 270 CM

WATEP CONTENT - 75 15 "%: VOLUME 92 708 CU CM
WET DPY

MASS DENSITY I 605 0 916 GM./CU CM
UNIT WEIGHT 15 748 8. 991 VN'CU M

ie 24 57 285 PCF
MASS POLARP MOMENT OF INERTIA - 0 270-7 GM-CM-_EC-2

= == === ==-==== === == OLITPUT

: 7:; <" ? . " .; .DATA SET NO 1 ... ; ... N- - . - -

PESONANT FPEO - 6 9 HZ PESCONANT PEPTO) - 14. 100 MSEr

SHEAP MOULUS€ 
,- 2. 2?e VN"_: IS -- +F-522 P_€F

5-14RVE VEL ,, _7 2- M,'"SEC_ - 122 28, FT.-SEC_

ST AIN AMP - 5e5±E-05 PAC, -- 585E-0. %

:".. I":DTA -ET NO 2 4." 532'REF

PESONCANT FPEO - 06 959 HZ RESONRNT PEPTO[, = 14?. 6900 MFEC

SHEAP MODULUS - 2. 211 VN,SO M -- 46, 151 PSF
S-14A'E VEL : :7 l M/SEC -- 121 77 FT.SEC
STPAIN AMP - 4 5873E-e5 PAD[ -- 4 587E-0? %
DAMPING PATIO - 0 2214 %

CCCCCC(C<<-Y'Z'K<<° < DATA SET NO. 2

PESONANT FPE, - 6 745 HZ PESONANT PEPIOD - 149 2400 MSEC

SHE P MO(DULUS - 2. 078 KN/SO M -- 42. 31 PSFS-WAVE VEL a 35. 97 M.'SEC -- 018 04 FT',SEC

ST AIN AMP - 1. 5eEE-04 PAD -- 1 eoE-02 x
DAMPING RATIO - 0. 4841,

C-2
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APPENDIX C-3

LIST NG OF THE BASIC PROGRAM DEVISED FOR UNDRAINED
TRIAXIAL TEST DATA REDUCTION
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00 REM THE NAME OF THIS PROGRAM IS "NICTSI"
116 REM THIS NEW UCTSI CAN BE USED, TO REDUCE UNDRAINED TPIAXIAL
TEST DATA
120 REM WRITTEN BY V. POPLIN
130 REM LATEST REVISION -- MARCH 2? 1981 -- BY SIBEL PRAMUYCU
140 DIM D(15i),L(150),Sle150'-,S2r.150 ", 11*64.12$64,15064,U64
150 SELECT PRINT 065
160 US-"<> UNCONFINED COMPRESSION TEST <>"
170 PRINT US
180 PRINT HEXOA"
190 INPUT "IDENTIFICATION". 1it
20 INPUT "LOCATION", 12f
210 INPUT "BORING NO". 12
220 INPUT "SAMPLE NO". 19%
230 INPUT "DEPTH". 14*
240 INPUT "DESCRIPTION OF SOIL", 15%
250 INPUT "TESTED BY", 161
260 INPUT "DATE".. 17S
270 PRINT HEX(O'G;" + + + SAMPLE DATA 4

28 INPUT "INIT lIRM eM w"..D±
296 RO=*PI *Dw 2/4
306 INPUT "INIT LENGTH "M )".LI
310 VOuRA*L
320 INPUT "WET WT (.N, )",WA

0 INPUT "INIT WTE CONTENT (%,'L",W
3480 G2,WC. 4V84
350 G1==G

o
/ei 

W / l
oo

)

360 INPUT "LORA, CELL NO "..1St
370B INPUT "LOAD CELL CONSTANT (MV;-"LB)",Ci
3eA8 C2-0.00444e4./Cl

390 INPUT "LVDT NO. "AR.
400 INPUT "LYDT CONSTANT CVOLT/CM)",C3
410 C4*0. 01/C-2
420 PRINT --------- ENTER LVDT READINGS IN VOLTS
SLOAr CELL READINGS IN MVOLTS -------------
430 INPUT "INITIAL LYDT PERDING ",D6g
446 INPUT "INITIAL LOAD CELL READING: ",LO
450 SELECT PRINT 215
466 Z*"*"
470 0OSUB 106
480 PRINT HEX(E);US
4_90 0OSUB 1060
500 PRINT HEX,'OA
510 PRINT "PROJECT IDENTIFICRTION "; tIK 520 PRINT "LOCATION:"; I2*

I
I

02
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536 PRINT "BORING NO: ";I3*;" SAMPLE NO- ";19S" DEPTH
:";14S

546 PRINT "DESCRIPTION OF SOIL: ";I5*
556 PRINT "TESTED BY: ";16$;" DATE: ";-7*
566 PRINT "LORD CELL NO: ";I;" LVYT NO: "jAIS
576 PRINT HEX(); " 4+ . . SAMPLE DATA + +*** "
586 PRINT HEX(6)
590 PRINT "DIAM ";DIL;" M. LENGTH: ";L1;" M.
66e PRINT "WRTER CONTENT: ";W;" DRY UNIT kT: ";G2;"KN/M!"
616 PRINT HEX(SO)
626 SELECT PRINT 665
636 PRINT HEX(8O)
646 INPUT "TOTAL NUMBER OF READING SETS".R9
656 FOR I-I TO R9
666 PRINT I
676 INPUT "LVDT READING: ",D
686 INPUT "LOSA' CELL READING: ",L
690 PRINT HEXCSR)
766 D(I)-D
716 L(I>-L
726 NEXT I
736 M-l
746 SELECT PRINT 215
756 Z s" """
768 GOSUB 196
776 PRINT HEX(eR)
786 PRINTUSING 796
798 XLV)T LOAD SAMPLE UNIT STRAIN CORR LO:) STRESS

READ READ DEFORM AREA
BOB PRINTUSING 818
816 X.

VOLT MYOLT M. DEC PCT M2 KN KPA T
SF
826 PRINTUSING 836
636 %---- ----- ------ ------ ---- ------- ----- ----------------- --

840 PRINT EX(CA)
841 J-0
842 9-0
856 FOR I- TO N
866 D2iC4*(D-D(I))
876 E-D2/L1
886 RRe --E)
89 P-C2*(L(I)-L)
966 si(I)-P'S

C-3
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96S2CI)-S1CI)*6. 6±644219
926 PRINTUSINO 9360 DCI), LCI), 2, E1 E*10, RP, S1Il),S2CI>
930 %6. 000 00.0 .0800000 0. *0 0. 000 0. 0*0 *00. *00

940 IF 1-1 THEN 990
9W6 IF S1CI)C-J THEN 996
960 IF S2(I>Cin0 THEN 99e
976 J-SI(I>
990 O-S2(1>
990 NEXT I
1666 PRINT HEXCSA)
1616 PRINTUSING 1620, J.Q 0,/e2,0Q/2
1626 XUNCONFINED COMPRESSIVE STRENGTH -*00. *00 KPA , .0* TSF

tWIrT COHESION - 0.**KPA , 0**0TSF
1636 Z$-*"

0%RETURN
lleSTOP

C -
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APPENDIX C-4

AN EXAMPLE REDUCED UNDRAINED TRIAXIAL TEST DATA
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1'

:POJ ECT ID ENTIFICATION- MUD[ FLOW4 ANALYS€IS
€

LOCATION:MAIN PASS
BORING NO: p-, SAMPLE NO: DEPTH 16 40 M
DESCPIPTION OF SOIL- SOFT DARt' ORGANIC
TESTED BY S. F. DATE - UGUST'/90l
LOAD CELL NO t LVDT NO I

+ . . SAMPLE DATA ++ * -4l

DIAM 2. 60567C00E-02 M LENGTH 6 40500r4A-rr
M

WATER CONTENT 62. 0922 % DRY UNIT WT" 9.860985104747 VN'M7

LV[T LOAD SAMPLE UNIT STRAIN COPP LOAD STPE5.5
.

READ PERD DEFORM AREA

VOLT MtVOLT M DEC PCT M2 VN VPA 'SF

1 64e 4 11 S 0000 0 00021 e 02 0 00105 0. 005 5 452 0 0!56
1 628 5. 29 0 0002 0 A. 0742 0. 234 0 00105 0 011 ±l 290 0 l?

,
o

.

1. 604 5 82 0 0004 0. 0e718? 0 71 0 0010f 0 02 1. 2. 56. 0 1-1
1. 57P 6 0 0. 0007 0. 0±124 1. 12 0 00106 80.4 J 2599 0 142
i 552, 6 21 0. 0009 0. 01514 1_ 51 e.000107 1 015 14 or eF 14

.

1 526 ' 81 0. 002 0. 049± 4 91? 0,0017 0. 01.2 14 4 0 150
1. 276 8 6 0. 027.1 8 0241 22 8 . 011 0 5 22 2± 072 0 157
1 452 . 7 0. 0019 0 02071 6.7 E 0010 0. lle 17. 251 0 22SO
1. 3 965 7 4S 0. 002'5 0 A_'7981 7. 9 e. el.Of1P09 .020 ie I P9 A 1.9-F
1. 2-25 7, 95 e. 0 02_.1 0. 04911? 4 91 0 00111 0. A22 20 1.4.7 0 21.0
1. 276 9 16 0. 0"27 0 05E_?9 5. C17 0. 00112 0. 02?' 2:1 ?02 0 2111
1 215 8. _37 0. 04.7 0. VR6791 6.,79 0 00112 0. 024 2'1. P-12 0 227"

1. 155 8. 51 0. 0049 0. 07728 7. 72 0 00114 0. 025 22 177 0 221
1. 074 8. 77 e 9057 0. 08992 8. 99 0 00116 0. 026 22 820 0 2-"P
0. 991 9 07 0 ON066 0 10444 10. 44 0. 00117 0. 027 22 599 0 246
*. 887 8 91 e. 0076 0 1191? 1. 91 0. 00119 0 027 22 617 0 2-2
0 791 8. 9S 0. 0085 0 12411 1-2. 410 09121 0. 027 22. 415 24
O 696 9. 90 0 0095 0 14894 14 89 0. 00124 0 0?27 21. 8±6 0 2'7
S 599 8. 78 0. 0±05 0 16409 160. 40 0 00121 0 026 21. 085 0 219
0. 562 9 00 0. 0114 0 17922 17. 92 00128 0. 027 21. 285 0 222
S. 405 8. 97 e. 0±24 0 19427 ±9. 42 0. 00121 . 026 20. 549 0 214

UNCONFINED COMPRESSIVE STRENGTH = 22. 59B KPRA .2464 TSF
UNIT COHESION = 11. '99 PA .. e 1222 TSF

C-4
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APPENDIX C-5

TYPICAL STRESS-STRAIN CURVES OBTAINED
FROM UNDRAINED TRIAXIAL TESTS
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1 24.0-

22.0-
0 Sample Depths 16.4 m

20.0-

18.0-

060
.~ 6.0Sample Depth 7.36 m

14.0-

w
i.. 12.0

4.

0.0 0.1 0.2 0.3 0.4

STRAIN, 9

C-5
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APPENDIX C-6

PARTS OF AN OUTPUT OF VISCOELASTIC SEA-BOTTOM WAVE
PROPAGATION INTERACTION FORTRAN COMPUTER PROGRAM

.L m,
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NAT- LEGT3 43VP SLOP* i. ooo0p33c3
ZPII&L GUM1 Pf'U TCU 0800

qPq--' INCL'bOES WAS! &e-IOG 9 D013SWOP33FC?S

INPUT Op'2065s

11 flv *AJip LAYvWS. 10
" W7114 LAT". 2
N) )' l%'1'llVTS~nqS. 10

ON.' 116'I NIL.06 I (036.-c0631.ZI)

~'' 0'1W.2 EI-OLD.2.RUIPI!DI
I l'i'l::Vx~ OPTION- 1 (0. 3MP IRLD1.l.L0 111D ant)

nlJ~~ AW.'.2.00

"ON LINTA" SEARC1N 0.010

!V(T I61CYN!"S 3IM24GT LI g0 STY PAC 910 SP.h?
(3r)

1 7.0001 161.1600 1.9990 0.2059 120.0600 "03S.1696 96.7060
- 6.000) l51.5300 1.2630 0.1174 182.3300 26669.1749 96.7060
1 15.0001 179.1000 1.4310 0.1394 220.6200 39513.0420 96.7060

1 12000) 200.1500 1.5690 0.1556 31S.1200 63134.2920 96.7060
!:1600)03 260.0200 1.1760 0.1026 260.7600 S779 2.9156 96.7060

?0.0003 275.6800 1.6550 0.1622 296.0900 61074.1312 96.7060
*0 O0.001) 175.:9600 1.3600 0.111 236.6550 61319.5090 96.17060

2000) is.10 1 .110 01026 269650 S0221.1635 96.7060
9 24.00011 302.6600 1.2740 0.1215 20S.4700 62191.659% 96.7040

11 .6.000) 359.6600 1.2230 0.1151 2S6.8900 91673.7376 96.7060
11 0.0 543.5700 0.3525 0.0132 362.6700 206389.931" 96.7660

PZSIL?5 or mosuLIER SRARCR

Gi- 17S25.0531
4'10. 20638.1496

- 0.1709
30. 020S9

PISOLTS Or N3a3U3663 3963CR 0 0

21. 20045. 1293
913. 20689.1749
TRt&z/S13330?. 0.3166
rt5. 0.3142

. *0.1620

MCEN!T 22209. 0.0650

ii-
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4; C; 0 Ic 00 00 1: e
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: * *SOqWW VFIAnLS -O& 5P" 0
w 

220.0 Im |DEPTI PO 330 LUIZ -200.0
1%v3D 711Y dIC SOIL P1.?i CYC SOIL T OCITY CTC SOIL ACCRLi&viOw Pas DIC Bli Sn3i

VOIIZ I IT 7 R 8031 v913! 3031 sits 3 an P0 " 133B 3 1(s)

. -,.8827 -0.0001 -0.0012 0.0007 -0.0001 0.0001 0.000S O.0005 0.0916 .n

.',23 %9. t3 1* 0.0005 -0.0011 0.0006 0.0004 -0.0002 0.0006 0.0 4.0233 0.0774

1.157 Sq.SAS1 0.0010 -0.0005 0.0003 0.0007 -0.0004 0.0002 0.0004 4.0901 0.0709

1.S. S l.779t. 0.0001 0.0003 -0.0001 0.0000 -0.004 -0.0001 0.000 -1.0053 0.0os

'.I3 $7.5114 0.0006 0.0009 -0.006S 0.0005 -0.0003 -0.0004 *.0005 -6.363 0.074?

". 142 64.W447 0.0001 0.0012 -0.0007 0.0001 -0.0001 -0.00S 0.000S ,4.091 0.0030

3.771) 71.379) -0.0005 0.0011 -0.0006 -0.0004 0.0002 -0.0000 0.0005 -8.0233 0.0927

,. 30 76.260; -0.0010 0.0005 -0.0003 -0.0007 0.0006 -0.0002 0.0004 -4.0901 a.090

.)27 77. ")6J -0.0011 -0.0003 0.0001 -0.0000 0.0006 0.0001 0.0006 1.4053 0.1001

.55 71.5277 -0.0000 -0.0009 0.0005 -0.0005 0.0003 0.0004 0.0005 6.3639 0.0155

-.193 66.8827 -0.0001 -0.0012 0.0007 -0.4001 0.0001 0.0005 0.000S 9.8910 0.0844

* !LSPOS3 VRJABLES ?OR DuIM Or 20.0 P? (DEPYE PRO@ uD s - 0.0

1 .D b/SLO Z SOIL VTL=T
I n 41u2 23

01.0 -0.3420D-01-0.231120-01 0.379529-01

0.62832000-0.34236D-01-0. 227'-01 0.200760-01

0. 12560*01-0.3620&D.-01-0.260330-01 0.451360-01

O. IBOSO0*5l-0. 362860-01-0.337390-01 0.0490s0-00

. 250133D*01-0.362860-01-0.0SD-01 0.71200D-01

0.310160 01- .362 0-0.05603-0t 0.5S240-00

0. 376990*01-0.342860-01-0.5791D-01 0.02360-01

0. 43920.01-0. 34260-01-0.617390-qI 0.725 9301
056259300 . 306300 -0.7710D-0 1 0.72)030S-01

j .262120*01-0. 30260-01-0.23112D-01 0.379230-01

I

c_6
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APPENDIX C-7

PARTS OF AN OUTPUT OF NONSAP FORTRAN COMPUTER PROGRAM
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*l's FLOg ANALYSIS

- 3? 0 oL ZIF 003 

4'WIEN OF NODIL POINTS .......... (ImoDF) 3 36

I&STEll I-TRIiSLAT205 CODE ......... (107(1)) * 1

SISTED !-TIIWSLATIO CODE ......... (rD01(2)) . 0

9ASTT Z-2TVISLITOI CODE ......... 11DOF13)) - 0

RASTER 1-OTATIOV CODE . IDOV()) . 1

RASMAl I-NOTIT10 CODE ......... (IDOl(S)) . I

HASTER Z-IOTATIOV CODE . (... OF6)) - 1

6RUH!3 Of LINEAR nl2313 GROUPS ..... (36!) a-, 0

polo33 O NONLINEAR ELINET GOUPS . . . . ("GEL) - I

SOLOTION MODE ............... (ODIZ) . 2
1.0. DIT CRECK
2Q.1. TICOTIOI
?Q.2, 1START

30q53 O Tint STIPS. ........... (35?!) - ES0

I151 STEP INCIIIIT. ...... ............ (31) - 0.1000D-01

TIE A? SOLOTIDI STilT ..... ......... (TSTRT)- 0.10001

PINING INT A..L ...... ............. (IPI) . so

RSS RATIZ[ CODE . ............. (MISS) . I
1Q0.0. NO RlASS 3ni 1 S

2Q.1. LUPlD maSS
tQO.2. CONIISSTliNI GIN

DIHING 31T3I1 CODE ... ......... . . (13AGE) . I
H.0 30 730LICZ1 DLNSPZlM 1
30.l. RPIQLrGrN DlIN3333

ONPM2 Oi SINSS3 .331..... . . .. ... (I1lil1l a 3

Susan~l or NODAL oupsmsl . . .. . . . . . . alrvasmll - 0

33 QO0 IIS LoW.rIL I COS1 . . . . . . . . .wo.o. w visconciIs somin I
1.+ PROQVCIU AID 109l SUMll

Io-19ll OF TIRE STEPS IrTIIU Ip111
PgFFCTZIV llTPPlUS sanl'l . . . . . . ,,.1111' • so

l$0859l OF ILLOIIILI ,SIFPIZSl ISIPOAIIONI

10 RICE TIE 21 . . .(.... . . . . . 11

NUMBER OF TINE STEPS 9829233

4C

C_7
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