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SUMM(ARY

T'his report was developed as part of a program undertaken
by the Manufacturing Technology Directorate of Picatinny Arsenal
in recognition of the need for expanded design information per-
taining to structures subjected to blast environments due to
accidental explosions within amumition facilities. The purpose
herein is to provide facility designers with criteria and pro-
cedures for the design of steel structures and structural elements.
The riport is intended to be used in conjunction with the tri-
service design manual, "Structures to Resist the Effects of
Accidental Explosions" (TM 5-1300), and the AISC "Manual of Steel
Construction".

Tle dynamic oehavior of steel structures, elements and
aonnecti. •s is discussed and criteria for dynamic plastic design are
presented, namely, design stresses, acceptable levels of inelastic
response, and maxima acceptable deformations. The criteria were
developed consi.dering structural integrity, safety for personnel
and t-n8itive equipment 4uring the accident, and the post-accident
condition of the structure.

Detailed proceduren are given for the design of steel
beams, plates, columns #.!d heam-columns, together with special
requirements for blast doors, cold-formed steel roof and wall
panels, open-web Joists and coLnections. The preliminary design
of multi.-bay frames is treated ia detail. A series of illustrative
design examples is provideu.

xi
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COACLUSIONS AND RECOMMENDATIONS

The criteria and procedures presented in this report pro-
vide a rational basis for the analysis and design of steel
structures and structural elements subjected to a blast environ-
ment generated by a high-explosive detonation. The primary
emphasis is on structural steel applications for acceptor
structures located in the low to intermediate pressure level
range.

It is recommended that this material be implemented in the
blast-resistant design of structures within facilities for the
manufacture and storage of explosive materials.



CHAPTER 1

INMT3DUCTION

1.1 Background

Special procedures and criteria are necessary in the de-
sign of facilities for the manufacture, maintenance, modification,
inspection and storago of explosive materials in order to avoid
mass detonations and explosion propagation in the event of an
accidental explosion and to ensure protection for personnel and
equipment. The basic design document in this area is the tri-
service manual, "Structures to Resist the Effects of Accidental
Explocions" (TK 5-1300). This manual contains comprehensive in-
formation on the principles of protective design, the calculation
of blast loading, dynamic analysis and detailed procedures for
designing reinforced concrete protective structures and provides
a sound basis for facility design and review.

However, since TM 5-1300 is directed primarily to the de-
sign of reinforced concrete, supplementary material is required to
treat in detail other structure types and materials of construe-
tion employed in the design of modern ammunition facilities. An
Iaportant area where additional information is needed is the de-
sign of steel structures and steel elements. The Manufacturing
Technology Directorate of P.c.rt-inny Arsenal, as part of its over-
all Safety Engineering Suppotý ?rogras for the U.S. Army Armament
Cmmand, has undertaken the preparation of this report with the
assistance of Anaann & Whitney, Consulting lagineers, in order to

fill this need.

1.2 Objective and Scope

The basic purpose of this report is to provide emamition
facility designers with criteria and procedures for the design of
steel protective structures parallel to the specific information
on reinforced concrete structures presented in TM 5-1300. In this
way, a rational basis will be available for providing blast pro-
tection through the use of structural steel for both close-in
structures and structures removed from the imediate vicinity of
the blast.

This report has been prepared with the following general
guidelines:

(a) The report shall be consistent in philosophy and
format with TM 5-1300 vith modifications as necessary to
account for the particular requirements of steel design.

l1



Furthermore, it is assumed that this report will be used
in conjunction with TM 5-1300 by designers possessing
a basic familiarity with the contents of that manual.

(b) The detailed provisions for inelastic blast-resistant
design of steel elements and structures shall be consistent
with conventional static plastic design procedures as
presented in the AISC "Specification for the Design,
Fabrication and Erection of Structural Steel for Build-
ings" and modified as required to account for blast load-
Ing resulting from high explosive detonations.

(c) In all cases, the static provisions of the AISC
Specification represent a minimum requirement for conven-
tional dead and live loads. Moreover, It is presumed that
designers using this report are familiar with static
plastic design procedures for steel.

(d) With regard to the deaign and analysis of multi-
degree-of-freedom steel frames, It is assumed that this
report will be supplemented with an elasto-plastic frame
analysis computer program such as the Program DYNFA de-
veloped as part of this overall effort for Picatinny
Arsenal by Amann & Whitney.

(e) While material related to close-in effects is in-
cluded in this report, the primary emphasii is on applic-
ations where the structure is located a distance from the
blast area.

In cases of low to intermediate blast pressures, the de-
sign objective Is the protection of personnel and valuable equip-
ment or material, while at the sane time providing an economical
solution; hence, In many cases, the designs will involve the use
of standard structural shapes and building components strengthened
to provide the required blast protection. It is felt that the
criteria and procedures provided in this report can be effectively
utilized to achieve cost-effective designs In these applications.

The procedures and crlteria in this report have been de-
veloped based upon state-of-the-art information and data for the
behavior of steel elements and structures under blast loading.
Hence, use of this material should lead to designs consistent with
the design objectives. However, in order to account for normal
variations in material quality and vorkmanship and uncertainties
in the prediction of loadings, it is recommended that the charge
weight be increased by 20 percent for design, as required In
T1 5-1300. hodification of this requirement for particular cases
should be approved by the cognizant military construction agency.

~1



Generally speaking, the influence of conventional dead
and live loads can be neglected in blast design or in the evalua-
tion of the capacity of a blast-resistant structure. However, the
effect of such loads upon the available capacity for blast resis-
tance may be significant in the design of structures for relatively
low overpressures, e.g., less than 1.0 psi or in the evaluation
of the blast resistance of a structure designed for conventional
loads.

1.3 Format of the Report

This report is divided into chapters devoted to individual
topics related to the design of steel protective structures. For
the purpose of economical presentation, the directly applicable
material from TH 5-0300 and the AISC Specification and Manual is
not repeated in this report. As far as possible, applicable
equations, design charts and tables, and comentary material are
included herein by reference. However, a brief summary of the
information from TM 5-1300 which is applicable to this report is
presented in the remainder of this chapter. The following sec-
tions contain a qualitative description of protective design con-
cepts and describe the calculation of blast loads, applications
of steel structures in protective design and the basic elements of
the dynamic response calculations following the procedures devel-
oped in TH 5-1300.

Chapter 2 describes the static and dynamic properties of
structural steels, outlines the basic philosophy and objectives of
blest design and presents recommended design criteria for various
types of basic steel elements and frames.

In Chapters 3 and 4, detailed provisions are presented
for the plastic design of steel beams, coluns and beam-columns
under dynamic load. Guidelines are given for treating unsym-
metrical bending along with special consideration for blast doors,
cold-formed steel floor and wall panels, and open-web joists.

Single-story, multi-bay, rigid frames and frames with sup-
plementary bracing are treated in detail in Chapter 5. A prelim-
inary design procedure is provided for this class of frames due to
their wide usage in aunition facilities.

Recommendations for the design of connections are given in
Chapter 6. Structural steel connections are cunsidered along with
the special requirements for connections involving cold-formed
steel floor and wall panels.



Chapter 7 contains detailed example problems covering the
design of beams, lateral bracing$ cold-formed steel panels, open-
web joists, columns and bean-columns, steel plate blast doors,
bamns subject to unsymmetrical banding and the preliminary design
of a single-story, wnlti-bay rigid frame.

A series of charts used for determin'ng the elasto-plastic
resistance, stiffness and deflection for uniformly loaded two-way
elemnts with various support conditions are given in Appendix A.
These charts supplement the material in Chapter 5 of TM 5-1300.

The symbols used in the text are defined In Appendix B.

Appendix C presents mamples of ftmuing connections, struc-
tural details and blast doors used In structures designed for blast.

1.4 Protective Design Concepts and Explosive Effects

1.4.1 System Components and Basis for Desigm

Prom the viewpoint of protective design, aamiition facil-
ities can be treated as being composed of three principal system
as described in Chapter 2 of TW 5-1300. Briefly, these systet
are:

(1) The Donor System which involves the source of the
potential hazard. The hazardous output consists primarily
of blast pressures; but In certain circumsances, it is
necessary to consider fragments.

(2) The Receiver System which represents the itms which
may potentially receive the output of an explosive accident
including purmonnel, equipment and acceptor explosive
msterials.

(3) The Protective Systm which involves the use of pro-
tective structures such as barriers &ad shelters or @spa-
ration distance desined to provide the receiver with the
requited level of protection consistent vith eoou, end
the operating requirements of the facility.

The design of the overall facility and its individual
structures essentially requires that a balance be achieved aong
functional and operattonal requirements, l*adie characteristic*,
dymaaic respose, structural capacity, personnel safety, equipget
and lsplosive seaoitivity end economics. These various factors,
elaborated upon in Chapter 3 of 1W 5-1300, thereby constitute the
constraints on the design and provide the background and the basis
for the detailed design criteria.
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The interaction between loading characteristics and struc-
tural response upon the details of a design can be expressed most
efficiently in terms of the three situations that can be encoun-
tered as a function of the proximity of the ac.ident to the struc-
ture together with the response characteristics of the structure
under design, namely:

(a) Clone-in to the explosion - The designs are usually
impulse sensitive since the load duration, to, is con-
siderably shorter than the time required for the structure
to reach maximum response, t.

(b) Intermediate raeas where ts and to are of the same
order of magnitude and the response of the structure to
both impulse and pressure must be considered.

(c) Structures resmved from the location of the detona-
tion - The designs are characteristicslly pressure-
sensitive due to load durations considerably longer than
the structural response time. An exception to this situa-
tion can be frame structures which are flexible and there-
fore can reach their peak response after the load duration,
even in the low pressure region.

Familiarity with these load-response characteristics cou-
pled with a knowledge uf the structure's ability for absorbing
enerpy and undergoing deformation are important elements in the
design of protective structures. Other factors which must be
taken into account in the establis•aent of the overall system de-
sign criteria include:

(a) Protection category - The type of protective structure
required is deternined by this factor. Shelter structures
provide protectton to personnel, equipment and sensitive
explosives from primary end secondary fragments, bleast
pressures, structure mntions and the release of hazardous
materials. Barrier structures provide for the containuent
of the explosion to the donor cell or for the prevention
of comnilcat•io of the detonation to other areas of the
facility.

(b) Receiver svosItivttv - This factor dictates the maxi-
wum respoose level consistent vith the inherent vulner-
ability of the particular receiver Wt#'ws which east be
considered, e.g., the sensitivity of personnel, equtipeet
and explosives to blast pressures, aotious and fragments.
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(c) Operating and functional requirements - These in-
elude the functional and geometric characteristics con-
s8Itent with the operation of the facility and the desiri
post-accident condition of the structure, ranging from a
structure at incipient failure to a structure suitable for
reuse without major repair following the accident.

1.4.2 Explosive Effects

Basic to protective design is the capability of calculating
efficiently and accurately tho anticipated output of an accidental
explosion in terms of the damaging effects, principally blast pres-
sures and occasionally primary and secondary fragments, against
which the protective systen aunt be Jestgned. Chapter 4 of IN 5-
1300 contains all the necessary denign data, in convenient form,
for defining the blast pressures and primary fragment character-
istics pertinent to conditions existing in explosive manufacturing
and storage facilities. The emphasis is upon blast output calcu-
lations since it normally controls the design of either donor or
acceptor structures. However, since primary fragments may in cer-
tain cases control, complete procedures for calculating the proba-
ble characteristics of the fragments resulting from the break-up
of the explosive container are also necessary. The procedures in
Chapter 4 of IN 5-1300 are completely applicable to the needs of
this report.

1.5 Steel Structures in Protective DesiRn

1.5.1 Behavior of Steel Structures and Elements

The economy of facility design gentrally requirce that pro-
tective structures be designed to perform it the Inelastic response
range during &a 7iccident. In order to Insure the structure's IA-
tegrity throughout sucb severe conditions, the facility designer
must be cognizant of the various posaible failure mudee end their
lnter-reletiooships. TheI lmittig deelpi values ar* dictated by
the attela nt of itelastic deflectftons and rotation* without com-
plate collapse. The amouat of itelestic deforumtioa ti dependent
not only upiO the ductility characteristic* of the material, but
elso upon the iotended use of the structure followi" an accident.
It order for the structure to mAlatoto such lerge detorotions
step* mitt be taken to preveat rameature failure by either brittle
fracture or Iuntability (local or overall). Cutdeltms and criteria
for deallg with thaew effects ate preoseatd it wbe body of this
teport.

By ray of further istroductiou to steel desliga for those
already famulir with the protective deelgn procedures of It 5-1300,

6
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some qualitative -itfferences between steel and concrete protective
structures and the impAct of these differences upon the orientation
of this report are surnarized briefly below:

(1) In close-in higb-lapulse desIRn oituations, a massive
reinforced concrete structure, rather than a b.tel struc-
ture, ts generally employed in order to limit deflections.

(2) In c,.'trsat Lo reinforced concrete structures sub-
jected to high-Intensity loading and permitted to respond
with large inelastic deformations, the principal emphasis
of this report is upon steel acceptor structures located
far from the detonation. Due to the relatively low pres-
sure loading and the protection requirements for auch
structures, the design objective is often reusability
following the accident.

(3) Steel structures and elements are considerably more
slender, both in terms of the overall structure and the
components of. a typical member cross-sectIon. As a result,
the effect of overall and local instability upon the ulti-
sate capacity is an important consideration in steel design.

(4) The amount of rebound in concrete structures is con-
siderahly reduced by Internal. damping (cracking) and is
essentially eliminated In csses where large deforsations
or Incipient failure are -ermitted to occur. In structural
steel, however. a larger response in rebound, up to 100
percent, can be obtained for a combination of short dura-
tion load and a relatively flexible elmnt. As a result,
steel structures require that specal1 provisions be made
to account for extre respooses of comparable magoituade
in both 4irectioas,

(5) The treatment of stress interaction ti more of a too-
sideratton -l steel since each elemsot of the cross-section
must be considered *ublect to a state of coiuiai stresaes.
In retaforced concrete, the provision of separate steel
rviotfortwent for f!•xure, sheir and torsion mables- the
dtsigner to consider these *tresses as betua carried by
nore or less tidepeadent system.

(6) Special ture most be taken in steel deelto to provide
for c6toectlon Int4grity up to the point of iAti..am rto-
p e. for "ample, to order to avoid premture brittle
fracture to weld*d connections the weldlv* characteristic*
of the particular trade of steel suet be copnAiered and
the Into•dution of any streso coentration ot notches
at the joint mUat be avoided.

11I
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1.5.2 Appllcatlonr of Steel Structures

While the primary application of this report to for steel
acceptor-type structures, It also applies in the design of steel
components in donor structures. For exuaplc, blast doors and,
under certain circumstances, steel containment cells may be de-
signed using the guidelines in this report. For the mosat part, as
stated previously, the emphasis is upon structures removed from
the immediate vicinity of the detonation. These include typical
frame structures vith beans, columna and beam-coluans composed of
standard structural shapes and built-up sections. Moreover, in
many cases, the relatively loy blast pressures suggest the use
of standard building components such as open-veb joists, pre-
fabricated well panels and roof decking strengthened and detailed
as required to carry the full magnitude of the dynamic loads an-
ticilpated (so-called "strengthemed frangible construction").
Another economical application cAn be the use of entire pre-
eniineered buildings strengthemed locally to adapt these designs
for lou-blaset pressures (up to 2 pot) with short duration (less
than 10 so). for blast loadings with much longer durations, the
maxima practical preassre level for the use of strengthened pre-
engineered buildsins is about 0.5 pet.

1.6 Dynaic Analysis and Des.an

1.6.1 General

The first step in a dynamic design entails the development
of a trial desitn considertnR facility requiremete, available
materials and econo•y vith smebers sized by a simple preliineary
procedure. The next step involves the perofrace of a dynamic
anaslyst* to deteraiue the response of the trtal de4ign to the blast
and the coqsetrton of the maximm reopouse with the daformtwtoo
limlts specified tn Chapter 2. The finul devign is thee deterain#4
by achitVigt an ecooinical balance betveeo stiffas and reul4emc.
much that the calculated response wanet the blast loading lies
vithis the liltit•g values.dictated by tba o*Wattocul requirmas
of the fcuility.

1.6.2 manslata ftNocoduves

The dynamc response ceictasion involves either . siag).-

degrtee-of-fteedow avalyess usit the response charts 1A Capter 6
of '1W 5-1300 or, in more copls structures, a sulti-d•eree-of-
freedom calculatfoa with the 4yamic eleato-plsetic trae ptovag•.

A siulle-degr"e-af-frasdos analyais my be terforued for
the desig analysis of either a given stctuia element or of en



element for which a preliminary design has been performed accord-
ing to procedures in Chapters 3 and 4. Since this type of dynamic
analysis is described fully vith accompanying charts and tables in
TM 5-1300, it viii not be duplicated herein. In principle, the
structure or structural element is characterized by an idealized
bilinear elasto-plastic resistance function and the loading is
treated as an idealized triangular pulse with zero riot time.
Response charts are presented in Chapter 6 of TH 5-1300 for de-
termining the ratio of the maximum response to the elastic re-
sponse and the time to maxiuma response for the initial response.
The equations presented for the dynamic reactions are also appli-
cable to this report.

Multi-degree-of-freedom non-linear dynamic analyses of
braced and unbraced rigid frame can be performed with the com-
puter program DYNFA. For single-story unbraced multi-bay frames,
the procedures in Chapter 5 provide a basis for preliminary de-
sign. The computer program is described it detail in the re-
port, "Analysis of Frame Structures Subjected to Blast Over-
pressures". Kanufacturing Technology Directorate, Picatisny
Arsenal, Technical Report No. TR 4839, 1975, Unclassified.
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CHAPTER 2

DESIGN CRITERIA FOR STM2L ELEMENTS AND STRUCTURES

2.1 Introduction

The mechanical properties of structural steel elements
are pi -tsented in this chapter aloug with recommended dynamic de-
sign stresses and accepteble maximum displacements, and plastic
deformations.

Within the broad range of steels presently available, the
structural steels for plastic design covered by the AISC Specifi-
cation are revi.ewed with regard to their use in protective struc-
tires subjected to blast loads. The effects of rapidly applied
dyvaaic loads on the sachanical properties of steel as a struc-
niral r.tterlal are considered and these effects are related to
the response of the component elements of steel structures.

Desi& corce.ts for blast-resistant steel structures are
ditcusoed in detail in order to provide the designer of modern
amurition facilities with an o'ersll understanding of the dif-
ferent modes of failure of steel structures and to caution him
against iudden cr premature failures.

2.2 DeciKn Stresses for Steel Elments

2.2.1 Structural Sceel

Structural steel is known to be a strong and ductile build-
Ing material. The significant engineering properties of steel are
strength expressed in teris of yield stress and ultimate tensile
strength, ductility expressed in terms of percent elongation at
rupture, and rigidity expressed in terms of modulus of elasticity.

Structural steel generally can be considered as exhibiting
a linear stream-strain relationship up to the proportional imnit,
'htch is eitter close to, or identical to, the yield polht. Be-
yond the yield point, it can stretch substantially vithout appre-
ciable increase in stress, the amount of elongation reachiug 10 to
15 time that needed to reach yield, a range that is termed "the
yield plateau". Beyond that range, strain hardening occurs, i.e.,
additional elongation is associated with an increase in stress.
After reaching a maximu• nominal stress called "the tensile
strength", a drop in the nominal stress accompantes further elonga-
tion and precedes fracture at an elongation (at rupture) amounting
to 20 to 30 percent of the specimen's original length. It is this
ability of structural steel to undergo sizable permanent (plaitic)
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deformations before fracturing, i.e., its ductility, that makes
steel a construction material with the required properties for
blast-resistant design.

Some high strength structural steels do not exhibit a
sharp, well defined yield plateau, but rather show continuous
yielding with a curved stress-strain relation. For those steels,
it is generally accepted to define a quantity analogous to the
yield point, called "the yield stress", as that stress which would
produce a permanent strain of 0.2 percent or a total unit elonga-
tion of 0.4 to 0.5 percent. Such steels have, in general, a
smaller elongation at rupture and should be used with caution
when large ductilities are a prerequisite of design.

There has always been a continuous trend towards the pro-
duction of stronger and stiffer materials so that ambers can
carry more loads without substantial increases in material mass
and, therefore, cost. Steel as a material cannot be made stiffer
since its modulus of elasticity remains essentially constant for
different types of steel and various loadings. On the other hand,
stronger steels in a wide range of yield points ald tensile
strengths have been developed. Structural steels nov available
say be grouped by strength and grade of steel as follows:

(1) Structural carbon steels

(2) High-strength low alloy steels

(3) Quenched and tempered carbon steels, and

(4) Other steels, including quenched and tempered alloy
steels, proprietary steels and constructional alloy steels
for special purposes.

Earlier criteria and specifications for the design of steel
structures limited the use of plastic design to steels having a
specified minimim yield point not higher than 33 to 36 ksi. For
decades ASTM A7 steel, with a specified minimam yield of 33 ksi,
vas the basic structural steel for buildings and bridges. ASTIM
A36, a low-cost carbon steel of structural quality with a yield
point of 36 ksi, introduced in 1960, combines improved weldability
and increased strength, and has replaced A7 steel in coi'n prac-
tice. The limitation of plastic design to these relatively low
yield stresses was due to the fact that most experimental verifi-
cation of provisions for plastic design contained in current speci-

fication* had used steels in that range of strength.
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By 1965, the applicability of those provisions, with only
minor modifications, to high-strength low-alloy steels furnished
up to a specified yield point of 50 ksi, had been established.
In addition, with the advent of ASTM Specification A572 in 1966,
further investigations were undertaken which indicated the applic-
ability of the provisions for plastic design to all grades covered
by that standard. On the basis of these investigations, the list
of these steels covered by ASTK standard specifications has been
increased accordingly.

Blast-resistant design is comonly associated with plastic
design since protective structures are generally designed with the
assumption that they will undergo plastic deformations. Conse-
quently, the steels to be used should at least meet the require-
ments of the AISC Specification in regard to their adequacy for
plastic design.

The following is a list of steels that are admissible in
plastic design and that conform to ASTM specifications:

Structural Steel with 36,000 psi Minimum Yield
Point, ASTM A36

High-Strength Low-Alloy Structural Steel, A242

High-Strength Low-Alloy Structural Manganese
Vanadium Steel, ASTM A441

Structural Steel with 42,000 psi Minimum Yield
Point, ASTM A529

High-Strength Low-Alloy Columbium-Vanadium Steels
for Structural Quality, ASTM A572

High-Strength Low-Alloy Structural Steel with
50,000 psi Minimum Yield Point to 4 in. Thick,
ASTM A588.

Both A242 and A441 are available in three grades, 42, 46
and 50, with the thicker members available in the lover grades only.

A572 is available in six grades (42, 45, 50, 55, 60 and 65)
ag'l depending on thickness. Though all grades are acceptable for
pl-.stic design, the designer of blast-resistant structures should
use caution when utilizing steels having a yield point above 55 ksi.

Due to the sensitivity of high strength steels to dynamic loading,
special attention should be given to connection details and welding
procedures in order to avoid notcling effects and prevent premature
failure by brittle fracture.

13
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A588 comes also in three grades which were specially de-
veloped to provide heavier sections in high-strength steel. It
is particularly useful for plates up to 4 inches thick with a
yield of 50 ksi.

2.2.2 Mechanical Properties under Dynami Losdi=na

The effects of rapid loading on the mechanical behavior
of the steel material have ben observed and measured in uniaxial
tensile stress tests. Under rapidly applied loads, the rate of
strain increases and this has a marked influence on the mechanical
properties of steel.

Considering the mechanical properties under static loading
as a basis, the effects of increasing strain rates are illustrated
in Figure 2.1 and can be suariaed as follows:

(1) The yield point increases substantially to the
dynamic yield stress value.

(2) The yield plateau increases in range.

(3) The modulus of elasticity remains insensitive to
the rate of loading.

(4) The ultimate tensile strength increases slightly,
but the percentage increase is les than for the yield
stress.

(5) The elongation at rupture either remains unchanged
or is slightly reduced.

In actual members subjected to blast loading, the dynamic
effects resulting from the rapid strain rates may be expressed as
a function of the time to reach yielding. In this case, the
mechanical behavior depends on both the loading regime and the
response of the system which determines the dynamic effect felt
by the particular material.

For members made of A7 steel, studies have been made to
determine the percentage increase in the yield stress as a func-
tion of strain rate or, in other words, the time to reach yielding.
For the purposes of this report, the ratios of dynamic to static
yield stress for A7 steel are considered to apply equally well to
A36 steel.

For primary structural elements and simple frames de-
signed to withstand low to intermediate pressure levels, the tims
to reach yield ranges between .01 and 0.1 second. The dynaic

14
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* increase factor for these loadivg rates to about 1.1. However,
steel slimate, particularly elawate designed to withstand high
pressure levels, may have such satller periods. The approximate

* time to yield under dynamic loading for typical applications Is
In the range of approximately 0.2 - 0.3 times the fundsamntsl
period of vibration of the structure or member being loaded
Using this relation, It follows that for structures with a period
of 0.1 second or greater, the ratio of dynamic to static yield
stress is 1.2; while for structures with a period of loes than
0.1 second, a ratio greater than 1.*2 is Indicated.* The data are
presented in graphical form In Figure 2.2 which ohoms a dynamic
Increase factor of 1.*3 for very rapid loading. From this diagram,
a value for the dynamic stress increase factor can be determined
based upon the rate of strain corresponding to the response of
the structural element. The strain rate, assumed to be a constant
value from zero strain to yielding,, may be determined according
to the following relations:

e at&/At - (Ao/E)IAt (2.1)

For high-strength low-alloy steels, a limited number of
strain-rate tests show a flattening out of the dynamic yield in-
crease at higher strain rates. For this reason, until more com-
plete data become available, Increases above 10 percent are nt
recoaiended for high-strength steels.

On the basis of the above, the dynamic Increase factors
recommended for use In dynamic design are summarized in Table 2.1.

TABLE 2.1 DYIWEIIC STRRSS INCREASE FACTORS

Pressure Low-Alloy
RagkA36 Steel stools

Low to Intermediate 1.1 1.1

High 1.1 or a higher value as 1.1
determined from the actual
strain rate (Figure 2.2)

2.2.3 Recommeded Desimn Stresses

The yield point of steel under untautel tensile stress is
generally used as a base to determine yield stresses wWer other
loading states. FOr Instance, the compressive yield stress of
steel is equal to Fy, the yield point In tension. The shear yield
stress Is taken as equal to 0.53Ff.

16



To determine the plastic strength of a section under dy-
oamic loading, the appropriate dynamic yield stress Fdy must be

used. In general terms, Fdy - cly, wha.-e c Is the dynamic Increase
factor (Table 2.1) :ad Fy is the yield stress of the stoel.

The ASTM value of the yield point for a particular material
is a spectfei minium value. It has been the practice in design
for nuclear blast to use an average yield point which is generully
higher than the prescribed minimum. However, in the design of
steel structures for &munition facilities, the probability of
occurrence of the load at least once is quite high. In addition,
in many cases for operational requirements, the structure is to be
reusable. These factors call for a more conservative approach;
therefore, it is recommended that the specified minimum value for
the yield stress be used as a basis for computation.

It should be noted that if the actual yield stress is
greater than that assumed in design, the ember will, in fact,
exhibit a larger resistance leading to an increase in dynamic
reactions. Sluce the average yield stress is about 15 percent
higher than the muinum for A36 steels and about 5 percent for
high strength steeals, one can anticipate a 10 percent possible
increase in actual resistance. Bowever, because shear forces are
computed as a function of maximum resistance rather than by means
of Synauic reaction, an adequate marpin actually exists and could
compsusate for any possible increase.

To sumarize, the dynamic yield stress Fdy is to be equal
to the dynamic increase factor time the specified minimum yield
stress of the steel. The dynamic yielding stress In shear, Fdv,
to taken equal to 0.55Fdy.

Fdy% 0 cPFY (2-2)

7dv" 0 .5 51 dy (2.3)

The dynamic yield stresses for civets, bolts and welds
shall be taken equal to 1.87 times the allovable stresses given
in Part I of the AISC Specification. This factor accounts for the
safety factor of 1.7 used in deriving these allowable stresses and
includes a dynamtc Increase factor of 1.1. By the same reasonlng,
the tabulated worvIng loads in ?art 4 of the AISC Manual say be
Increased by a factor of 1.87 for use Iu dynamic design.
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2.3 Criteria for Ductile M~eg Renawsee

2.3.1 latroduct ios

Although plastic behavior is not generally permissible
tunder service loading conditione, It Is quite appropriate for din-
sign when the structure Is subjected to a severe dynamic loading
only once or at most a few times during Its existence.* Under
blast pressures, It will usually be uneconomical to design a
structure to remain elastic and, as a result, plastic behavior is
normally anticipeted In order to utilize more fully the energy-
absorbing capacity of blast-resistant structures.* Plastic design
for flezurs io based on the ess~itiptiou that the structure or an-
bar resistance is fully deweloped with the formation of totally
plastified sections at the most highly stressed locations. Tb be
consistent with the design assumptions, the actual structure
should be proportioned In swch a manner as to assure Its ductile
behavior up to the limit of Its load-carrying capacity. This node
of behavior, based on flexral performancea, wherein the structure
Is permitted to develop Its full plastic capacity without pre-
mature Impairment of strength due to secondary effects,, such as
brittle fracture or Instability, is termed "the primary or ductile
made of response ##.

Another aspoect of dynamic design of steel structwes sub-
jetted to blast loadings Is the question of rebound. Unlike the
conditions prevailing In reinforced concrete structures where re-
bound considerations or* not of primary cancean, steal structures
will be subjected to relatively large stress reversals caused by
rebound and will require lateral biracing of wastayed compression
flanges which ware formerly In tension. RebomWi is more critical
for minbors supporting light dead loads a&d subjected to blast
pressures of short duration.

to this contest, structural resistance is determined on the
basis of plastic design concepts, taking Into account dynamic yield
strength values. The design proceeds with the basic objective that
the computed deformations of either the Individual members, or the
structure as a whole, due to the anticipated blast loading, should
be limited to prescribed mx im~ values consistent with safety and
the deaired post-accident condition.

Deformation criteria are specified iosomea detail for two
different level. of dam&*e for acceptor-type structures located ii
the low to latermediot pressure level ranges The maximus defor-
sations specified for both categories are consistent wtht msaitain'.
iog structural integrity into tb% plastic range ead with providing
safety tor personnel and equaipment. The disitiactlosa between the



two design categories pertains to the mount of deforuation mus-
tained during the blast loading and consequently, the post-
accident condition of the structure.

Structures in the first category, "reusable" structures,

are intended to sustain light damage such that they are reusable

with only ,inor repair. Permanent deformations can be tolerated

to the extent that they are compatible with future structuril
safety and with the intended function of the building, including

any manufacturing operations which interface with the structure.

The second category includes structures designed to pro-
vide safety and structural integrity during the accident but

permitted to sustain moderate to severe damage. In this case,
however, the damage is such that the post-accident condition is
not compatible with future structural safety and the damale is

such that the repair work necessary to restore the structure would
be excesaive. Such structures are, therefore, "non-reusable".

It should be noted that a reusable structure will gen-
erally be non-reusable after being subjected to a second accident.
Consequently, if it is intended for a structure to be reusable
after more than two accidents, the maxims defomation lialts
specified in Section 2.3.3 should be reduced.

In any event, it is recognized that the post-accident
condition of any structure, however designed, will be thoroughly

evaluated on an individual bests prior to a decision regarding its
suitability for repair and reuse.

These design categories are not intended to cover the

severe conditions associated with a donor structure or structures
located close-in to e blast. In such cases where the desagn
objective is the prevention of explosion propagation or the pre-

vention of missile generation. the structure may be alloved to
approach incipient failure, and deformations well into the strain-
hardesing range may be permitted for energy absorption.

2.3.1 Deformatioo Criteria - General

!n ordder to restrict the amount of da*e to a structure
or elant durlnst the process of resisting the effect. of an
accidental saplosion, lialtisa values mat be assigned to appro-
priate respo*se quantities. Cenerally speakinu, me different
types of values will be specified, asaly: limits on the level

of inelastic dvsamic resVouse add limits on the anismu deflec-
tions and rotatious.



For elements which can be represented an single-degree-of-
freedom system such as beam, floor and well panels, open-web
joists, and plates, the appropriate quantities are taken as the
saximsm ductility ratio and the mazimma rotation at an ead support.
Followiung the develoment in Section IV, Chapter 5 of 11 5-1300,
the ductility ratio, v, is defined as the ratio oi the maumum
deflection (It) to the equivalent elastic deflection (IL) corres-
pondinS to the development of the limiting resistance on the
bilinear resistance diagram for the element. TuAs a u of 3 cor-
responds to a muaima dynamlc response three times the equivalent
elastic response. The maximum rotation at an end support, 6, ts
Illustrated In Figure 2.3(a). As shown, 0 to the angle between
the chord joining the ---ber ends and the chord joining the sup-
port and a point on the elsment where the deflection it a saxlmum.

In the detailed analysis of a fram structure, representa-
tion of the response by a single quantity Is not possible. This
fact combined with the wide rages and time-varying nature of the
end conditions of the individual frame members makes the concept
of ductility ratio intractable. Hence, for this case, the response
quantities referred to in the criteria are the sideway deflection
of each story and the end rotation, 0, of the Individual members
with reference to a chord jolaing the smmber ends, as illustrated
In figure 2.3(b). In addition, in lieu of a ductlity ratio cri-
terion, the mount of inelsatic deforsation is restricted by means
of a linitation on the total rotation pndeitred for those umebers
with the smaller span-to-depth ratios. for ombers wbich are not
loaded betweem their ads, such as an interior coluns, S Is zero
sad only the sideaeay criteria maet be considered. These response
quantities, sideway deflectioo end end rotation, are part of the
required output of the computer program DYWFA which wee developed
to perfous the inelastic aulai-dateeof-fre anlysis of fralm
stTucture. The deaignar can Uas this output to check the sidasuSy
deflection of each story and the uAXImm rotatio at the end of
eAch meber.

Sectiou 2.3.3 preamnte a summry of the desiap critears
for the reusable and aon-reusable design catevorisl for beam ele-
uste. framte, plates. Cold-foaud floor and vwll panals sod open-

web joists. In the rtiwider of this sectiou, the criteria for
beam will be discussed to further detail.

in the case of individual beau element. wkre ductility
ratios as high "s 20 are oberved at collapee, a siuaims ductslity
ratio of 3 for a reusable structure Is specified is order to l!eit
damoe to a lool for whih repair it ecotoically feasible. For
a structure which is to be desigmud as s-reu~ble after an ecci-
dent, the strwiture can be peruitted to deflect to a duct~lity

20



I9

SIMPLY- SUPPORTED BEAM

FIXED - FIXED BEAM

to) SIMPLE ELEMENTS

tb) FAAME STRUCtURE

Figure 2.3 Net~er enid rotatioia for stoole elemoo4ts "Jd
Srames.

- 21 m l, H~



ratio of 6. In addition, limiting support rotation* of 10 and 20
are specified for the reusable and non-reusable cases, respectively.
These limiting rotations are assigned as reasonable estimates of
the absolute magnitude of end support rotations consistent with
the objectives of the two design criteria levels as described ti
Section 2.3.1.

Figures 2.4(a) and 2.4(b) illustrate the interrelationship
between these lmetting values of ductility ratio and support ro-
tation for the case of doubly sevmetric I- and W-shaped sections
with F - 36 ksi and F, - 50 ksi. These results show the variation
of the deflection-span ratio versus the span-depth ratio for
almply-supported and fixed-ended beams. For each type of support
condition, curves for three ductility rationa are shon, namely:

u I Elastic deasmi

u - 3 Limit for reusable members

u - 6 Limit for wos-reusable members

The limits for mexisum rotation are also Indicated in terms of
the ratio 6/L. the ratio 1A114 - 0,OW877 corresponding to
Omx P 10 (reusable), and 1157 - 0.0175 for Oe. - 2o (non-
reusable).

The usual deasth range for the Ltd ratio varies from 10
to O, the latter contorting to the AISC Specification guideline
that the swaisus Lid rat io for beasn should not exceed a value
betwee* 22 and 28 depend••g upon the end connections.

For a given desiRn category (reusable or non-r•e•able)
and particular supPort co•dt•toA, the lower of the two opplIcable
curves, either support rotetion or ductility ratio vill gove"5
the deein at . particular Ltd value. lnspection of FPgure 2.4(a).
for F, - 36 ksl Inditteste that for simply-supported thena, the
support rotation governs the desijn cver the prAttical rngle of
Ltd for -oth deaitn catelortes. In the <06e of fisxe4-end beamo,
the deait" art ltotted by the 4utility ratio criterioo for Lid
values lees then 19 4W 11-, for the reusable and non-reu*able
categories, rtcpectsvely. Qualitativel,. the awe obaetvailonA
bold for beam Vith FY - So ket as showo in VItute 1.4(b). As
would be expect#d for this hith-streogth steel at the hIZter Lid
ratio0 , the "laxwn support rotattons of 1 ad 20 restrict these
beas to relatively lOWer ductilIty ratiot as cauared to the
ductility retioa for beams with F. 36 kei.
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In the following section, the deformation criteria ate
summarized for frames, beaus and other structural elements In-
cluding plates. cold-formed steel panels and open-web joists.

2.3.3 Sumary of Deformation Criteria

(1) Beam elements including purlins, spandrels
and girts

(a) Rteusable structures

eax 8- 10 or -lax - 3, whichever .overns

(b) Non-reusable structures

*ma: = 20 or ax - 6, whichever governs

NOTE: For doubly-symetric beams subject to
bi-axial bending, more stringent criteria
are recommended in Section 3.5.

(2) Frame structures

(a) Reusable structures

For sideaway, maximum 6/H - 1/50

For individual frame members, emsx = 10

NOTE: For Fy - 36 ksi, 8., should be
reduced according to the following
relationship for L/d less than 13,

elm - 0.07 L/d + 0.09

For the higher yield steels,
0nsx = 10 governs over the practical
range of L/d values.

(b) Non-reusable structures

For sideway, maximum 6/H - 1/25

For individual frame mewbers, Om = 20

NOTE: For Fy - 36 kai, 6max should be
reduced according to the following
relationship for L/d less than 13,
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Bun - 0.14 L/d + 0.18

For the higher yield steels,
Suez- 20 governs over the practical
rang* of L/d values.

(3) Plates

(a) Reusable structures

am" 20 or *x 5, whichever governs

(b) Non-reusable structures

0*ax W 40 or Vt.. - 10, whichever governs

(4) Cold-formed steel floor and wall panels

(a) Reusable structures

6 = 0.90 or sX= 1.25, whichever
governs

(b) Non-reusable structures

Oem a 1. 80 or ) max a 1.75, whichever
governs

NOTE: A discussion of the behavior of cold-formed

panels is presented in Section 3.7.

(5) Open-web joists

(a) Reusable structures

0max - 10 or P -x - 2, whichever governs

(b) Non-reusable structures

0ax - 20 or P., - 4, whichever governs

NOTE: For joists controlled by maximum end
reaction, , is limited to I for both
reusable andT non-reusable structures.

In the above:

emax = maximum member end rotation (degrees) measured
from the chord joining the member ends.
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6 - relative sideway deflection between stories

H- story height

U maxisum ductility ratio (Xa/XE) for an element

L/d - span/depth ratio for a beam element

Finally, it should be recognited that the designer must be cog-
nizant of any operational requirements which, under certain cir-
cumstances, may override the deformation criteria susmarized
above.

2.4 Second&EX Modes of Failure

In the process of designing for the ductile mode of failure,
it is important to follow certain provisions in order to avoid
premature failure of the structure, i.e., to insure that the struc-
ture can develop its full plastic resistance.

These secondary modes of failure can be grouped in two main

categories:

(1) Instability modes of failure

(2) Brittle modes of failure.

2.4.1 Instability Modes of Failure

In this category, the problem of structural instability
at two levels is of concern:

(1) Overall buckling of the structural system as a whole

(2) Buckling of the component elements.

Overall buckling of framed structures can occur in two
essentially different manners:

(1) The load and the structure are s9mmetric; deformations
remain also symmetric up to a critical value of the load
for which a sudden change in configuration will produce
instant anti-symmetry, large sidesway displacement, and
eventually a failure by collapse, if not by excessive
deformations. This type of instability can also occur A
in the elastic domain, before substantial deformation or
any plastification has taken place. It is called "in-
stability by bifurcation".
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(2) The loading or the structure or both are non-symmetric.
With the application of the load, sidesway develops pro-
gressively. In such cases, the vertical loads acting
through the sidesway displacements, commonly called "the
P-A effect", create second order bending moments that
magnify, in turn, the deformation. Because of rapidly
increasing displacements, plastic hinges form, thereby
det .asing the rigidity of the structure and causing more
sidesway. This type of instability is related to a con-
tinuous deterioration of the stiffness leading to an early
failure by either a collapse mechanism or excessive
sidesway.

Frame instability need not be explicitly considered in the
plastic design of one- and two-story unbraced frames provided that
the individual columns and girders are designed according to the
beam-column criteria of Chapter 4. For frames greater than two
stories, bracing is normally required according to the AISC pro-
visions for plastic design in order to insure the overall stabil-
ity of the structure. However, if an inelastic dynamic frame
analysis is performed to determine the complete time-history
of the structural response to the blast loading, including the P-A
effects, it may be established, in particular cases, that lateral
bracing is not necessary in a frame greater than two stories.
As mentioned previously, the computer program DYNFA may be em-
ployed for such an analysis.

Buckling of an element in the structure (e.g., a beam,
girder or column) can occur under certain loading and end condi-
tions. Instability is of two types:

(1) Buckling of the member as a whole, e.g., lateral
torsional buckling.

(2) Local buckling at certain sections, including flange
buckliag and web crippling.

Provisions for plastic design of beams and columns are presented

in Chapters 3 and 4.

2.4.2 Brittle Modes of Failure

Under dynamic loading, there is an enhanced possibility
that brittle fracture can develop under certain conditions. Since
this type of failure is sudden in nature and difficult to predict,

it is very important to dimimish the risk of such premature

failure.
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The complexity of the brittle fracture phenomena precludes
a complete quantitative definition. As a result, it is impossible
to establish simple rules for design.

Brittle fractures are caused by a combination of adverse
circumstances that may include a few, some, or all of the
following:

(1) Local stress concentrations and residual stresses

(2) Poor welding

(3) The use of a notch sensitive steel

(4) Shock loading or rapid strain rate

(5) Low temperatures

(6) Decreased ductility due to strain aging

(7) The existence of a plane strain condition causing a
state of triaxial tension stresses, especially in thick
gusset plates, thick webs and in the vicinity of welds

(8) Non-uniformly-distributed blast loads.

The problem of brittle fracture is closely related to the
detailing of connections, a topic that will be treated in a sepa-
rate chapter of this report. However, there are certain general
guidelines to follow in order to minimize the danger of brittle
fracture:

(1) Steel material must be selected to conform with the
condition anticipated in service.

(2) Fabrication and workmanship should meet high stan-
dards, e.g., sheared edges and notches should be avoided, I
and material that has been severely cold-worked should be
removed. -

(3) Proportioning and detailing of connections should be
such that free movement of the base material Is permitted,
stress concentrations and triaxial stress conditions are
avoided, and adequate ductility is provided.
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CHAPTER 3

BEAMS AND PLATES

3.1 Introduction

The emphasis in this chapter is on the dynamic plastic
design of structural steel beams and plates. Design data have
been derived frotm, the static provisions of the AISC Specifica-
tion with necessary modifications and additions for blast desii.n.
Since the basic theory of plastic design of steel members is
available in a number of the references to this report, this
material is presented with a minimum of commentary. It should
be noted that all provisions on plastic design in the AISC Speci-
fication apply, except as modified in this report.

The calculation of the dynamic flexural capacity of beams
and plates is described in detail in Section 3.2. In Sections
3.3 and 3.4, the necessary information is presented for deter-
mining the equivalent bilinear resistance-deflection functions
used in evaluating the basic flexural response of both beams
and plates. Also presented are the supplementary considerations
of adequate shear capacity and local and overall stability which
are necessary for the process of hinge formation, moment redis-
tribution and inelastic hinge rotation to proceed to the devel-
opment of a full collapse mechanism.

In addition, design provisions for the followinp special
topics are included in this report: unsymmetrical bending (Sec-
rion 3.5), blast doors (Section 3,6), cold-formed stpel floor
and wall panels (Section 3.7) and open-web joists (Section 3.8).

3.2 .Dynamic Flexuralcapactl

The dynamic flexural capacity of a steel section is re-
lated to its static flexural capacity by the ratio of the dynamic
to the static yield stresses of the material (see Chapter 2).
Thus, the ultimate dynamic moment resisting capacity of a steel
section is given by

Mpu - FdyZ (3.1)

where Fdv is the dynamic yield strength of the material and Z' is
the plastic section modulus. For standard I-shapet sections
(S, W and 4 shapes), the plastic section modulus is approximatelv
1.15 times the elastic modulus for strong axis bendini and mav be
obtained from standard manuals on steel design. For plates or
rectanpiular cross-section beams, the plastic section modulus is
1.5 times the elastic section modulus.

Priecedio g page blank
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It Is generally aseumed that a fully plastic section offers
no additional resistance to load. Additional resistance due to
strain hardening of the material is neglected because the strains
necessary for this phenomenon to become significant cannot normully
be tolerated. In blast design, although strains well into the
strain-hardening range may be tolerated, the corresponding addi-
tional resistance is generally not sufficient to warrant analytical
considerat ion.

Figure 3.1 shows the stress distribution at various stages
of defarmation for a plastic hinge section. Theoretically, the
bean bends elastically until the outer fiber stress reaches F y
and the yield moment designated by My is attained [Figure 3.11a)].
As the moment increases above M., the yield stress progresses in-
ward from the outer fibers of the section towards the neutral axis
as shown in Figure 3.1(b). As the moment approaches the fully
plaatic ment MPU, a rectangular stress distribution as shown in
Figure 3.1(c) is approached. The ratio between the fully plastic
moment to the yield moment ti equal to the shape factor for the
section, i.e., the ratio '4tween the plastic and elastic section
moduli.

Representative moment-curvature relationships for simply-
supported steel beams and plates are shown in Figure 3.2 In each
case, the behavior is elastic until a curvature * corresponding
to the yield moment MY is reached. With further Increase in load,
the curvature Increses at a greater rate as the fully plastic
moment value, . is approached. Following the attainment of "Put
the curvature Increases while the moment remaine conatant at ILU.

For design purposes, a bilinear representation of the
minut-tcurvature relationship ts enployed as shown by the dashed
lines in figures 3.2(a) and 3.2(b). The pl.stic moment capacity
to be used in design, to, as ssigned in recommition of the actual
nature of the transitioh bttwean yield moeant, My, and the fully
ple-stic moment, M , Since a substantial amount of plastic defor-
mation must occur'Iefore 14p is attained, a reduced value of the
plastic design moment (gl, in Figure 3.2(a)] is defined for beams
with moderate curvature Tcorrespondlng to design ductility ratios
less than or equal to 3). For larger amounts of plaotic deforms-
tion (design ductility ratios greater than 3). the full value of
the plastic moment capacity (Hp2 t K•p.) may be used.

For plates sad rectangular cross-sectiotk beam (Fi1gure
3.2(b)]. Mpu is 50 percent greater than K. and the nature of the
transition from yield to the fully plastic condition depends upon
the plate geometry and end conditions. It is presently recommended
that a capacity midway botween N. and Npu be used to deftiu the
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plastic design moment, M, in all cases independent of ductility
ratio. The equivalent elastic curvature, #E' corresponds to the
development of the plastic moment capacity.

To summarize, the equivalent plastic moment shall be
computed "s follows:

1. For beams with design ductility ratios le*s then
or equal to 3 and for plates and rectangular eross-
section beaos with any desip ductility ratio:

Sw Fdy (S + Z)/2* (3.2)

where S and Z are the elastic and plastic section
moduli, respectively.

2. For becus with design ductility ratios greater
than 3 and beam colums:

"*FdyZ (3.3)

Equation 3.2 is consistent with test results for beams
with moderate curvatures end for plates. For beams which are
allowed to undergo large curvatures. Equation 3.3, based upon
full plastification of the section, ti considered reasonable for
design purposes.

It is important to note that the above pertains to beam
or plates which are supported against buckliug. Design provisions
for guardlng against local and overall buckling of beam during
plastic deformation are discussed in Sections 3.3.4, 3.3.5 and
3.3.6.

nt the analysis of structural steel members, it ti as-
sumed that the plastic hinge formation is concentrated at a sec-
tion. Actually, the plastic region extends over a certain length
that depends on the type of loading (concentrated or distributed)
and on the shape factor of the cross-section. The extent of the
plastic hinge has no substantial influence on the ultimate capac-
ity: it has, hoWeVer, en influeUce on the final u1M$itude of the
deflection. for all practical purposeS, the assumption of a con-
centated plastic binge to adequate.

*See Sectio' 3.4.3 tor a discussion of the effect of sheat on the
available momUt capacity for plates.

3.i.



3.3 Design o.f Seemsind Cont inuous Beams

3.3.1 Resistance Functions

The single-degree-of-freadoa analysis which serves as the

basis for the flexural respons calculation requires that the
equivalent stiffness and ultimate resistance be defined for both
bem elenents and continuous besm.

formulas for determining the stiffness and resistance for
one-way steel beam elements are presented In Table 3.1. The
ultimate resistance values correspond to developinR a full collaps
mechanism in each case. The equivalent stiffnessn. correspond to
load-deflection relationships that have been idealized as bilineer
functions with initial slopes so defined that the areas under theidealized load deflection diagram are equal to the area inder

the actual diagrams at the point of Inception of fully plastic
bebavlor of the beam.

It is important to note that the data and discussions In
TH 5-1300 on partial failure for concrete do not apply to steel
where the fully plastic resistance is taken constant with an to-crease io deflection of the beas.

The beam relationships for defining the bilinear resistance
function for multi-span continuous beas under uniform loading are

imartized below. These expressions are predicated upon the form-
tios of a three-hinge mechanism io each span. Maxima ecomes
normally dictates that the panI letuts and/or er site be
adjusted such that a machuilm fors eialtansously In all spans.

It must be voted that the developmnt of a achanaim i% a
particular span of a continuous bean assimns compatible stiffitas
properties at the and supports. If the ratio of the lengh of the
adjacent spans to the span beit" considered to excessive (say,
greater than 3), it may not be possible to reach the lmt load
without the beas failin by racwaire deflectlon.

For unifoaly-distriburtd loading a* equal apans or spans
which do not differ ti lmth by aor. then 20 percent, the follow-
tip relatiouhip can be uset defWine the biliwmr reieamce
function.

T~o-span continuous bams:

Ou - rabL - 12 WL (3.)

S- 163 Z ?L3 (3.5)
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TABLE 3.1 ULTIMATE K•SISTA/CE ANP STIFFNESS
UF BLA14 LLEMENTS.

Member Ultimate Equivolent
And Flexural Estic

Load Configuration Resistance Stiffness

wb Mp384E1

r-bL--80 L E 5.K

, . RMp 48EI
RU 4.0 • ¢ .

L

wb b 160EI
r-T'-T- r Ub L: !12.0 KE L:

L L LE

RU :6.0 L KE =

wb
r = 4 K 307 Elr,, bL, L LE

A = 0 MP K 192 EI
L/ L L

w b MprubL" 2.0 p E K LLE
!bL L E

-- Kp 3E1_.
RU LLK

Where

b : W•,l- Of CostrabulOtv LoOd,ng Area
Mo.Plosttc Motent e-Coapocly

% : • •Resistance pet Unit Areo
U' lf• aR TOW 0 evsOr-ce

w Lood Pe' Unil A-tl(
W= Toto Concentroted Locd



Exterior span of continuous beaus vith 3 or more spa"s:

u - rubL - ll.TIN/L (3.6)

Kr - 143B1/L3 (3.7)

Interior span of continuous beam vith 3 or more spans:

a - rubl - 16.OWvpL (3.8)

KE - 300I/L3 (3.9)

For design situations vhich do not meet the required
conditions, the billnear resistance function may be developed by
applixation of the basic procedures of plastic analysis.

3.3.2 Denign for Flexure

The Aesiga of a structure to resist the blast of an acci-
dental explosion consists essentially of the deteruination of the
structural resistance required to I 1Wil calculated deflections to
vitbin the prescribed maxLm values (Section 2.3.3). In general,
the resistance and deflection may be cosputed on the basis of flex-
ure provided that the shear capacity of the web is not exceeded.
Elastic shering deforustious of steel members are negligible as
ioult an the depth to span ratio io less than about 0.2 and hence,
a flexural analýsia Is vamolly sufficlent for establishing uaxi-
as deflections.

As previously discussed, steel structures designed to re-
sist accidental explosions vill generally respond either to the
pressure only or to the pressure-time relationship When they are
situated ic the lov pressure &a* Uaterme late pressure 4osidts
raekso. Steel 4trietures in a high preasure destp range would
tead to responi more to the impulse produced ty the blur pre*-
seres. For each ceae, the appropriate dyamic response charts
ao4 equations for CONVUtta• the required reststaae of the rastcer
in terse of the lititlng deflection or ductli2ty ratio ore ttive
it Clipter 6, Sections 6.3 through 6.9, of Th 5-1300. to .4-i-
tcni, Vigtae 3.3 preseots the dyaanic lad fector a*4 tine-to-
maximum esapoese charts for linearly elastic system.

To suppleint the data ta Chapter 6 of TI 3-1300. Table
3.- itivs ontural periods of vibtetioa of steel bers. for soveral
mpport coeditions. The follolun expteaitom cam be used to de-

terulue the nAtural period of v0bration for any system for "hitch
the total effective us". ad eduivalwst elastic atiffenss is knm:



TABLE 3.2 EFFECTIVE NATURAL PERIOD OF
VIBRATIONd FOR ELASTIC BEAN ELE1ENTS.

Member Period

STN = 0.64 LV

S .-- g El

TN=o 42 0. 42
V E

TfM= 2.o. i T --

To, 0 . 45 , E

Where
w z Vf,,tqhl pot unitletngth (lb/ft)

Wt = Total conctlerowed wioht (11b)

a soel Istnth its)
g zttsrOtioa dui to frqwily ( 3u f I A"2)

U ?aoduws of sl•atilty (Ott)
-o4RAeV of iaorfio (ft)
Effective 4O61to potiod (sac)
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TN -2wiQ_7v (3.10)

where He - total effective mass

KE - Ru/XE

Ru - ultimate total resistance

XE - equivalent elastic deflection

For preliminary design of beAs and plates situated in low
or intermediate pressure ranges, it is suggested that the structure
be designed to have an equivalent static ultimate resistance equal
to 1.0 and 0.8 times the peak blast force for reusable and non-
re::sable structures, respectively. Since the duration of the
loading for low co intermediate pressure ranges will generally be
the same or longer than the period of vibration of the structure
and the ductility factor is usually at least 3.0, revisions to this
preliminary design from a dynamic analysis will usually not be sub-
stantial. However, for structures where the loading environment
pressure is such that the load duration is short as compared with
the period of vibration of the structure, this procedure may re-
sult in a substantial overestimate of the required resistance.

The rebound behavior of the structure oust not be over-
looked. Procedures and data for calculating the elastic rebound
of structures are contained in Chapter 6 of TM 5-1300. The pro-
visions of Section 3.3.4, Local Buckling, and Section 3.3.6,
Lateral Bracing, shall apply in the design for rebound.

3.3.3 Design for Shear

Shearing forces are of significance in plastic design pri-
marily because of their possible influence on the plastic moment
capacity of a steel member. At points where large bending moments
and shear forces exist, the assumption of an ideal elasto-plastic
stress-strain relationship indicates that during the progressive
formation of a plastic hinge, there is a reduction of the web area
available for shear. This reduced area could result in an initia-
tion of shear yielding and possibly reduce the moment capacity.

However, it has been found experimentally that I-shaped
sections achieve their fully plastic moment capacity provided that
the average shear stress over the full web area is less than the
yield strese in shear. This result can basically be attributed
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to the fact that I-shaped sections carry moment predominantly
through the flanges and shear predominantly through the web.
Other contributing factors include the beneficial effects of
strain hardening and the fact that combination* of high shear
and high moment generally occur at locations where the moment
gradi•nt Is steep.

The yield capacity of steel beams in shear Is given by:

Vp -dvv (3.11)

where V is the shear capacity, Fdv is the dynamic shear yield
strengtR of the steel (Section 2.27.3) and A.w is the area of the
web. For L-shaped beams and similar flecural members with thin
webs, only the web area between flange plates should be used in
calculating AV.

For several particular load and support conditions, equa-
Lions for the support shears, V, f.r one-way elements are given
in Table 3.3. As discussed above, as long as the acting shear V
does not exceed Vp, I-shaped sections can be considered capable of
achieving their full plastic moment. If V is greater than Vp, the
web area of the chosen section is inadequate and either the web
must be strengthened or a different section should be selected.

However, for cases where the web is being relied upon to
carry a signiiricant portion of the moment capacity of the section,
such as rectangular cross-section beams or built-up sections, the
influence of shear on the available moment capacity must be con-
sidered as treated below in Section 3.4.3.

In order to avoid plastic shear deformations in open web
joists and similar trussed structures, the computed maximum ten-
sile stress in the web members should not exceed 90 percent of the
dynamic yield stress of the material. Web members in compression
must meet the requirements of Chapter 4. Design procedures for
open-veb joists are summarized in Section 3.8.

3.3.4 Local Buckling

In order to insure that a steel beam will attain fully
plastic behavior and possess the assumed ductility at plastic hinge
locations, it is necessary that the elements of the beau section
meet minimu= thickness requirements sufficient to prevent a local
buckling failure. Adopting the plastic design requirements of the
AISC Specification, the width-thickness ratio for flanges of rolled
I- and W-hapes and similar built-up single web shapes that would
be subjected to compression involving plastic hinge rotation shall
not exceed the following values:
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TABLE 3.3 SUPPORT SHEAR FOR BEAM ELEMENTS.

Member Maximum
And Support

Load Configuration Shear

wb ru bL
V 2

L

v RU

S~2

tL/2:2

w b r~ bL

V. 2 L

uR N

f----4-- 2

W
F- V 2

Where

b = Width Of Loaded Area
V = Support Shear
ru Ultimate Resistance per Unit Area
RUlt Ultiote Total Resistance
w Load per Unit Area

V Towo! Concentrated Load
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F Fy(ksi) bf/2tf

36 8.5

42 8.0

45 7.4

50 7.0

55 6.6

60 6.3

65 6.0

where F is the specified minimum static yield otress for the
steel, f is the flange width and tf is the flange thickness.

The width-thickness ratio of similarly compressed flange
plates in box sections and cover plates shall not exceed 190/ F_.
For this purpose, the width of a cover plate shall be taken as the
distance between longitudinal lines of connecting rivets, high-
strength bolts or welds.

The depth-thickness ratio of webs of members subjected to
plastic bending shall not exceed the value given by Equation 3.12
or 3.13, as applicable.

d - 412(1 - 1.4P ) when P < 0.27 (3.12)
p p

tw /y y Y

d .257 when P > 0.27 (3.13)
tw PY

V y

where P - the applied compressive load

Py - the plastic axial load equal to the cross-
sectional area times the specified minimum
static yield stress 7y

These equations for local buckling under dynamic loading
have been adopted from the AISC provisions for static loading.
However, since the actual process of buckling takes a finite
period of time, the member must accelerate laterally and the mass
of the member provides an inertial force retarding this accelera-
tion. For this reason, loads that might otherwise cause failure
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may be applied to the members for very short durations if they
are removed before the buckling has occurred. Hence, it is ap-
propriate and conservative to apply the criteria developed for
static loads to the case of dynamic loading of relatively short
duration.

These requirements on cross-section geometry should be
adhered to in the design of all members for blast loading. How-
ever, in the event that it is necessary to evaluate the load-
carrying capacity of an existing structural member which does not
meet these provisions, the ultimate capacity should be reduced in
accordance with the recommendations made in the Commentary and
Appendix C of the AISC Specification.

3.3.5 Web Crippling

Since concentrated loads and reactions along a short
length of flange are carried by compressive stresses in the web
of the supporting member, local yielding may occur followed by
crippling or crumpling of the web. Stiffeners bearing against
the flanges at load points and fastened to the web are uoually
employed in such situations to provide a gradual transfer of these
forces to the web.

Provisions for web stiffeners, as given in Section 1.15.5
of the AISC Specification, should be used in dynamic design. In
applying these provisions, F should be taken equal to the speci-
fied static yield strength o? the steel.

3.3.6 Lateral Bracing

Members subjected to bending about their strong axis may
be susceptible to lateral-torsional buckling in the direction of
the weak axis if their compression flange is not laterally braced.
Therefore, in order for a plastically-designed member to reach
its collapse mechanism, lateral supports must be provided at the
plastic hinge locations and at a certain distance from the hinge
location. The distance from the brace at the hinge location to
the adjacent braced points should not be greater than I as de-
termined from either Equation 3.14 or 3.15, as applicable:

1cr 0 1375 + 25 when +1.0 > M > -0.5 (3.14)

r y Fdy M

1cr * 1375 when -0.5 > H > -1.0 (3.15)

r-y Fdy
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where ry * the radius of gyration of the member about
its weak axis

H = the lesser of the moments at the ends of the
unbraced segment

N - the end moment ratio, is positive when the
MP segment is bent in reverse curvature and

negative when bent in single curvature

Since the last hinge to form in the collapse mechanism is
required to undergo less plastic deformation, the bracing require-
ments are somewhat less stringent. For this case, in order to
develop the full plastic design moment, HM, the following rela-
tionship may be used for members with design ductility ratios
less than or equal to 3.

Z/rT -(lO2xlO 3Cb)/Fy (3.16)

where I - distance between cross-sections braced
against twist or lateral displacement of
the compression flange

rT radius of gyration of a section comprising
the compression flange plus one-third of
the compression web area taken about an
axis in the plane of the web

Cb bending coefficient defined in Section
1.5.1.4.6a of the AISC Specification

However, in structures designed for ductility ratios
greater than 3, the bracing requirements of Equations 3.14 and
3.15 must be met.

The bracing requirements for non-yielded seagents of mem-
bers and the bracing requirements for members in rebound can be
determined from the following relationship:

1.67[2/3 -"_(I/rT)2 1 Fy (3.17)

1530zl0 3CbI

where F - the maximum bending stress in the member,
and in no casme greater than Py

When F equals Fy, this equation reduces to the Z/rT requirement

of Equation 3.16.
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Lateral bracing support is often provided by floor beams,
joists or purlins which frame into the member to be braced.
Hence, in design, the unbraced lengths are essentially fixed by
the spacing of the purlins and girts and this given spacing must
be checked for lateral buckling. Since this spacing Is usually
uniform, the particular unbraced length that aust be investigated
will be the one with the largest moment ratio. For the save rea-
son, the spacing of bracing adjacent to the last hinge and in the
non-yielding segments of a member should be checked when the
spacing in these portions exceeds Zcr.

When the compression flange is securely connected to steel
decking or siding, this will constitute adequate lateral bracing
in most cases. In addition, inflection points (points of contra-
flexure) can be considered as braced points.

Members built into a masonry wall and having their web per-
pendicular to this wall can be assumed to be laterally supported
with respect to their weak axes of bending. In addition, points
of contraflexure can be considered as braced points, If necessary.

In order to function adequately, the bracing member must
meet certain sinimus requirements on axial strength and axial
stiffness (ASCE-WRC Coumentary on Plastic Design). These require-
ments are quite minimal in relation to the properties of typical
framing members.

Lateral braces should be welded or securely bolted to the
compression flange and, In addition, a vertical stiffener should
generally be provided at bracing points where concentrated vertical
loads are also being transferred. Plastic hinge locations within
uniformly loaded spans do not generally require a stiffener.

3.4 Design of Plates

3.4.1 Resistance Functions

Stiffness and resistance factors for one- and two-way plate
elements are defined in Chapter 5, Sections III and IV of TH 5-1300
and by the supplementary charts in Appendix A. These factors,
originally developed for concrete elements and based upon elastic
deflection theory and the yield-line method, are also appropriate
for defining the stiffness and ultimate load-carrying capacity of
ductile structural steel plates. In applying these factors to
steel plates, the modulus of elasticity should be taken equal to
29,000,000 psi. For two-way isotropic steel plates, the ultimte
unit positive and negative moments are equal in all directions;
i.e.,
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where Mp it defined by Equation 3.2. Since the stiffness factors
were derived for plates with equal stiffness properties in each
direction, they are not applicable to the case of orthotropic steel
plates, such as stiffened plates, which have different stiffness
properties in each direction.

3.4.2 Deig. n for Flexure

The flexural design of a steel plate proceeds in essentially
the mane manner as the design of a bean. As for beams, it is sug-
gested that dynamic load factors of 1.0 and 0.8 be used for the
preliminary design of reusable and non-reusable plate structures,
respectively. With the stiffness and resistance factors from
Section 3.4.1 and taking into account the influence of shear on
the available plate moment capacity as defined in Section 3.4.3,
the dynamic response and rebound for a given blast loading may be
determined from the response charts in Chapter 6 of IM 5-1300 and
Figure 3.3. The recoemeded =mxtmum deflections and support ro-
tations for plates are provided in Section 2.3.3.

3.4.3 Design for Shear

In the design of rectangular plates, the effect of siial-
taneous high moment and high shear at negative yield lines upon
the plastic strength of the plate may be significant. In such
cases, the following interaction formula describes the effect of
the support shear, V, upon the available ment capacity, M:

MI,- al - (V/Vp) 4  (3.18)

where H. is the fully plastic moment capacity in the absence of
shear calculated from Equation 3.3 and Vp is the ultimate shear
capacity in the absence of bending determined from Equation 3.11
where the web area, Aw, is taken equal to the total crosa-
sectional area at the support.

For two-my elements, values for the ultimate support
shears are presented in Chapter 5, Table 5-14, Section V of TH
5-1300. These shears may also be used for steel plates. How-
ever, the ultimate shearing stresses given in Section V for con-
crete elements are not applicable to steel.

It should be noted that due to the inter-relationship be-
tween the support shear, V, the unit ultimate flexural resistance,
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rut of the two-vay element, and the fully plastic moment resistance,
_M, the determination of the resistance of steel plates considering

Equstion 3.18, it not a simple calculation. Fortunately, hovever,
the number of instances when negative yield lines with support
shears are encountered for steel plates will be limited. Nbreover,
in most applications, the V/Vp ratio is such that the available
moment capacity is at least equal to the plastic design moment
for plates (Equation 3.2).

To summarize, if the V/Vp ratio on negative yield
lines is less than 0.67, the plastic design moment for plates,
as determined from Equation 3.2, should be used in design. Hov-
ever, if V/VP is greater than 0.67, the influence of shear on the
available moment capacity suet be accounted for by means of
Equation 3.18.

3.5 Special Provisions for Un!suMetrical BwDIaB

The term '%nsyumetrtcal bending" refers to a situation
where flexural members are subjected to transverse loads acting
in a plans other than a principal plane. With this tpe of

loading:
1. The member's neutral axis is not perpendicular

to the plane of loading.

2. Stresses cannot In general be calculated by
mans of the simple bending forula (Nc/I).

3. The bending deflection does not coincide vith
the plane of loading but is perpendicular to
the inclined neutral axis.

4. If the plane of loads does not pass through
the shear center of the cross-section, beading
is alGo accompalied by twisting.

Doubly-symmetric S-, V- and box sections acting as Indl-
vidual beau elements and subjected to biaxial beading, ie.,
unsmtrical bending vithout torsion, can be treated in the
following manner. The ticlination of the elastic and plastic
neutral axis through the centroid of the section can be calcu-
lated directly from the following relationship (sea fig. 3.4):

tan a (- l )tn4 (3.19)

where a a saltle betwee the horizontal prin-
cipal plane and the neutral axis
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Transverse Load

I Elastic and Plastic
Neutral Axis
through the Centroid

8,
8 =lostic deflection

Figure 3.4 Uilaial bending of a doubly-
symetric section.
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* - anrle between the plane of the load
and the vertical principal plane

and x and v refer to the horizontal and vertical principal axes
of the cross-section.

The equivalent elastic section modulus may be evaluated
from the following equation:

$ 0 (SXS y)/(Sycoas + Sxsin$) [3.2U(a) i

vhere S - elastic section modulus about the x-axis

Sv - elastic section modulus about the y-axis.

The plastic section modulus can be calculated as the
sum of the static moments of the fully yielded elements of the
equal cross-section, areas above and below the neutral axis. i.e.:

Z Acoi + Atm 2  r3.20(b)l

NOTE: Acri - Atm2 for a doubiy-

symmetric section

vheaze AC area of cross-section in compression

At - area of cross-section tn tension

ml w distance from neutral axis to the cen-
trold of the are, in compression

- distence from neutral axis to the cen-
ttoid of the area to tension

Uith these vC'uts of the elastic and plastic section
moduli, the design plastic wmoent capacity can be detetuled ftro
Equatiton M, .

ti order to define the atiffress 4nd bilintor resistance
functlu, it iS ekecexary to detet•lne the elastit deflection of
the beum. This deflection sav be calculated by resolvino the
load Into co~ponante art in in the pritnipal planoe C'f the cross-
aectiona The elastic deflection. 6, is cllculated #s the remil-
tent of the deflectloos detor*1ated b' siople beadig ¢.ilculatLove
in oach 4Lrectloo (see Fic- )44). The equivalent elnstic doflec.
tion on the bilinvtar resistance function, XE, may then be deter-
etsed by assumtat that the elastic stiffness is valid up to the
developmeat of the desia piaotile umott capacity, ,



The bracing requirements of Section 3.3.6 may not be
totally adequate to permit a biaxially-loaded section to deflect
into the inelastic range without premature failure. For lack of
data, the provisions of Section 3.3.4 on lateral bracing may be
used but the ductility ratios should be limited to 1.5 and 3.0
for the reusable and non-reusable design categories, respectively.
In addition, as in Section 2.3, the total member end rotation
corresponding to the total deflection due to the inclined load
maust be limited to 10 and 20 for reusable and non-reusable struc-
tures. The actual details of support conditions and bracing pro-
vided to such members by the other primary and secondary members
of the frame must be carefully considered to ensure that the
proper conditions exist to permit deflection* in the inelastic
range.

The inelastic behavior of sections subjected to unsym-
metrical bending, with twisting, ft not properly known at present.
Consequently, the use of sections with the resultant load not
act ±gR through the shear center is not recommended in plastic
design of blast-reslstant structures, unless the sections are
torsionally constrained. In actual installations, however, the
torsional constraint offered to a purlin or girt by the flexural
rigidity of the floor, roof or mall panels to which it is attached
may force the secondary member to deflect in the plane of loading
with little or no torsioial effects. Under such conditions or
when some other means of bracing is provided to prevent torsional
rotation in both the loading and rebound phases of the response,
such unyummatrically loaded members may be capable of performing
well In the plastic range. However. because of the limited dato
presently available, there to insufficient basis for providing
practical desiRn guidelines in this area, Hence, if a case In-
volvl*R unsymetrical bending with torsion cannot be avoided in
delgn. tbe staximu ductility ratio should be liited to 1.0,

For unconstrained torsion, a ductility tratio of 1.0 does
not neceas~rily provide assuranie of limited defomwtic~n. Wetxa*
special precautions are taken to restrict the toraional-fleural
distortions that can develop UVder AnY4Meteical loadift Vith
torsion. the tlex~tal caaity of the meriar may be signtficantly

Fortunately, ti blast deaire, the raa r of situations
Uhare Unsyemttmlcal bendiM "Iltbt cause difficulty is rather
leItted as4 gva %*are e*Acuatere., it "a be trested vwthout
sertioaus cowoeic ptAalty. oue to the fact that blost ovtrpre.•s•r
loads act mor"sl to tka surfaces of a structure, the use of doubly-
ayrmetric cross-ectiors £01 PUtlinS an0 1irtS {ea-, hot-rOlled
S-and v-sections or cold-ford4 chametes used back-to-bak) Is
9enerally recomeded. to such cases, tk defowmation critcria



for flexurel members in Section 2.3.3 apply. For other applica-
tions such as built-up blast doors (Section 3.6), it is often
desirable to use single-chasnel section?. In this case, the uasc-
essary torsional restraint is actually provided by the steel
plates attached to one or both flanges. This fact, combined with
the short apans involved, permits thase sectiom to perform well
in the inelastic range.

The treatment of the problem of btaxial bending in the
presence of axial force which can arise in the design of rigid
frames for a quartering load on a rectangular building is dis-
cussed in Chapter 5. Interactlo equations for blaxial bending
are presented in Chapter 4.

3.6 Special Provisions for Blast Doors

Blest door* can be grouped into two main categories, ice.,
pressure doors and fraNgmat doors, and my also be listed as to
their method of openqns:

1. Sinsle-leaf

2. IDoble-leaf

3. Vertical lift

4. Horitotal sltding

The (trot category, pressure doors, includes doors which
oaust resist blest peateres only. The second category, fCremeut
doors, 1=14d04 door. hich mlst resist primary fro"nWt Itpact
in addition to blest pressures. Blast door exposure to frisp•at
Impact it a functons of the 4oor orientation to the source of am
explosion, the diatatae from the etplosion amd the nature *f the
dooor source. Procedures for definiag frogsmt ebaracteorieice

sad for dtterololng ftelgpet Input effects on coacrete barritre
are gIven in Ctaptera 4 and 8, respoctively, of V. S-1300. to-
fornotift go peaetratio• coto steel plate.s to uder atevlopmet
for 1IcAtisay Arseol by Anuan & 4ituey and will be prwamt*d
of Steel., G•oorete OVA Other Naterilse", AISfCtiUarSiO TeChoWogy

Directocatet Vicetiany Arsenal.

There ere two tyvpet of blast-toor conatm-ctA •.-.-
ue*d. The first type Is a hevy steel plate %*I!* tit wecaroA is
a built-vp door eoeeletis. of a relatively lIght outside plate
supported by a channel frame. The choice of either a plate door

to a bu•it-,up doot must be based UPI* coemlpo wo of tk-Ir relative

GICOGAMY Coasi4eriag the part ICUISa blast pressue aWW ata&Vrt



I

Sal-
'oug

noo
0 Na

* ,

hi 0



environment along with any other factors such as insulation or
hardware requirements. Plate doors are used for both high (50 psi
and greater) and low pressure ranges and where fragment impact is
critical. For lower pressure range, (10 psi and less) where frag-
ment impact is not a problem, the use of built-up doors is a prac-
tical arrangement.

Figure 3.5 illustrates a typical plate blast door. The
direct load produced by the blast will be transmitted from the
door to the supports by bearing; while reversal action of the door
and the effects of negative pressure are transmitted to the door
supports by several reversal bolts aleng the vertical edges. The
reversal bolts eliminate the need to design the hinges for rebound.
On wider doors, reversal bolts may be placed on the top and bottom
door edges also, to take advantage of possible two-way action of
the plate. Additional blast door details are provided in Appen-
dix C.

Figure 3.6 depicts a typical built-up door. The peripheral
door frame is composed of channels with other horizontal channels
serving as intermediate supports for the door plate. All of the
channel sections and the plate are connected by welding. The mech-
anism for reversal loads is similar to that used for the plate
doors, except that the hinges usually are designed to serve as the
reversal bolts on one side of the door due to the lower magnitude
of the blast pressures involved.

TV typical plate blast door is first sized for fragment
penetration, if any, and then is designed to resist the blast
pressures as a two-way plate with all sides simply-supported.
Design charts, equations and procedures are given in Chapter 5 of
TM 5-1300. Recommended design stresses and deformation limits
are listed in Chapter 2 of this report. The reversal bolts are
designed for the maximum rebound forces as determined from Fig.
6-8 of TM 5-1300.

For the built-up blast door, the exterior plate is de-
signed as a continuous member supported by the transverse channels.
In turn, e channels are ther designed as simply-supported mem-
bers, the Qpplied load being equal to the blast pressures on the
exterior plate. The vertical supporting channels are designed
for the rebound forces as are the hinges and reversal bolts. If
a backing plate is used, the plate should be designed for the
maximum acceleration forces caused by the applied blast pres3ures.
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3.7 Special Provisions for Cold-Formed Steel Panels

3.7.1 General

Cold-formed steel panels are widely used in the construc-
tion of industrial installations and pre-engineered buildings as
roof and floor decking and wall siding. The behavior of these
panels differs significantly from that of hot-rolled structural
members due to the cross-sectional shapes, as dictated by the
requirements for economical mass production, and to the large
width-thickness and depth-thickness ratios of the thin plate ele-
ments which make up the cross-sections. For static design, the
AISI Specification for the Design of Cold-Formed Steel Members
provides the necessary design guidelines. Consideration of the
blast-resistant capacity of such panels requires additional pro-
visions as summarized in this section.

Under static loading, it is known that the load-deflection
curve for cold-formed members is markedly non-linear and strongly
dependent on the extent of local instability. Effective utiliza-
tion of the banding properties of cold-formed sections in obtained
by accounting for the post-buckling strength of stiffened com-
pressed flrknges. This concept, substantiated by numerous tests,
i• implemented in the AISI Specification.

Cold-formed panels are produced in either open sections
forming continuous corrugations, or closed sections consisting of
a flat sheet with a series of hat sections. Both types are pro-
duced with or without intermediate stiffeners depending on the
width-thickness and depth-thickness ratios as illustrated in Fig.
3.7. The amount of deformation that a specific section can de-
velop after reaching its maximum resistance depends on the width-
thickness ratio of the flange. For values of w/t < 40, the
behavior is "ductile" and strains several /imes those attained atthe onset of yielding are developed before failure. For larger w/t
and especially for values greater than 60, the load-carrying capa-
city say be reduced abruptly upon yielding of the most stressed
outer fiber. For an open cross-section, the descending curve is
unstable in nature; whereas for a closed section, the decrease is
more gradual, and a certain reserve capacity for energy absorption
may exist, enhanced by the catenery action of the flat sheet, as
illustrated in Fig. 3.8(b). For this reason, it is recommended
that cold-formed steel panels used in blast-resistant structures
be chosen from the closed type. Detailed sketches of two typical
panel cross-sections are shown in Fig. 3.7(c).

As stated previously, the AISI Specification is based on
the recognition and utilization of post-buckling strength. On the
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REGULAR STIFFEN•O

(a) OPEN HAT SECTION'S

L IMV-\ J,,

REGULAR STIFFENED

(b) CLOSED SECTIONS
(HAT SECTIONS a FLAT SHEET)
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24" 24"

1•2°- DEEP PANEL 3"- DEEP PANEL

(C) DETAIL OF TYPICAL PANEL
CROSS - SECTIONS

Figure 3.7 Cold-formed sections and typical panel
confi gurati on.
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other hand, due to the lack of sufficient ductility or adequate
rotation capacity, plastic design techniques are not presently
included in the Specification.

Plastic design is based on the proposition that a flex-
ural element continues to function with large deformations until
yielding has practically reached the neutral axis from both sides,
thus forming a plastic hinge. In that respect, normal plastic
design techniques are not directly applicable to cold-formed con-
struction. This is due to the fact that the width-thickness and/or
the depth-thickness ratios are generally greatly in excess of the
limits imposed by the requirements for plastic hinge formation and
development; and, in wost practical cases, local inelastic buckling
of flanges or webs occurs first.

Successive formation of plastic hinges in a continuous
amber or structure produces a redistribution of moments permitting
the utilization of the full capacity of more cross-sections of the
ameber at ultimate load and results in a more economical design.
Whereas tests have shown that hot-rolled members exhibit sufficient
plastic rotation capability and ductility to warrant the succes-
sive formation of plastic hinges, this cannot generally be said
for cold-formed shapes. It is possible, however, to account for
a relatively more limited, but definite amount of plastic behavior
in these shapes.

At present, there is limited data on the load-deformation
response of cold-forned sections. Consequently, it is impossible
to determine the exact nature and extent of moment redistribution
in a continuous member of that type. However, the concept of
limited ductility and partial redistribution may be adopted when
designing panels to resist blast overpressures, allowing for a
moderate shift in the elastic moment diagram, reduclng the value
of maximam bending moments at the supports with appropriate in-
creases for the moments in the spans.

Recent studies have shown that the effective width re-
lationships for cold-formed light-gage elements under dynamic
loading do not differ significantly from the static relationships.
Consequently, the recommendations presented in the AISI Specifi-
cation are used as the basis for establishing the special pro-
visions needed for the design of cold-formed panels to resist
pressure-time loadings. Some of the formulas of the Specification
have ben extended to comply with ultimate load conditions, and
to permit limited performance in the inelastic range.

Two main modes of failure can be recognized, one governed
by flexure and the other by shear. In the case of continuous
members, the interaction of the two influences plays a major role
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in determining the b*havior and the ultimate capacity. Due to
the relatively thin webs encountered in cold-formed embers,
special attention must also be paid to crippling problems. Ba-
sically the design will be dictated by the capacity in flexure
but subject to the constraints imposed by shear resistance and
local stability.

3.7.2 Resistance in Flexure

The material properties of the steel used in the produc-

tion of cold-formed steel panels conform to ASTM Specification

A446. This standard covers three grades (a, b and c) depending
on the yield point. Most conmonly, panels are made of steel com-
plying with the requirements of Grade a, with a minimum yield
point of 33 ket and an elongation of rupture of 20 percent for a
2-inch gage length.

In calculating the dynamic yield stress of cold-formed
steel panels, it is recommended that a dynamic increase factor of
1.1 be applied irrespective of actual strain rate, and conse-
quently, the value to be used in design will be

Fdy - l.Fy (3.21)

and hence, Fdy equals 36.3 ksi for the particular case of a 33-ksi
steel.

Ultimate design procedures combined with the effective
width concept are used in evaluating the strength of cold-formed
light-gage elements. Thus, a characteristic feature of cold-
formed elemeats is the variation of their section properties with
the intensity of the load. As the load increases beyond the level
corresponding to the occurrence of local buckling, the effective
area of the compression flange is reduced; and as a result, the
neutral axis moves toward the tension flange with the effective
properties of the cross-section such as A, I and S. decreasing
with load increase. The properties of panels, as tabulated by
the manufacturer, are related to different stress levels: the
value of S referring to that of the effective section modulus at
ultimate, and the value of I related to a service stress level of
20 ksi. In the case of panels fabricated from hat sections and a
flat sheet, two section moduli are tabulated, S+ and S-, refer-
ring to the effective section modulus for positive and negative
moments, respectively. Cousequently, the following ultimate
moment capacities are obtained:

S- FdyS+ (3.22)

Mun - ldyS- (3.23)

60



where Mu - ultimate positive momet capacity
for one-foot vidth of panel

Mun a ultimate negative moment capacityfor one-foot width of panel

It should be noted that in cases where tabulated sec-
tion properties are not available, the required properties may
be calculated based upon the relationships in the AISI Design
Specification.

As for any single-span flexural eleent, the panel may
be subjected to different end conditions, either simply sup-
ported or fixed. The fixed-fixed condition is seldom found in
practice since this situation is difficult to achieve in actual
installations. The simple-fixed condition is found, because of
symmetry, in each span of a two-span continuous panel. For
multi-span mebers (three or more), the response is governed by
that of the first span, which is generally characterized by a
simply-supported condition at one support and a partial moment
restraint at the other. Three typical cases can be therefore
considered:

1. Simply supported at both ends (single span)

2. Simply supported at one end and fixed at the
other (two equal-span continuous member)

3. Simply supported at one end and partially
fixed at the other (first span of an
equally-spaced vulti-•pan element).

The resistance of the panel is a function of both the
strength of the section and the maximum moment in the member.
As stated before, moment redistribution is dependent on adequate
ductility in plastic hinge regions. Because of the limited duc-
tility of cold-formed elements, the concept suggested here is
similar to the one adopted in reinforced concrete design, i.e.,
partial moment redistribution, wherein the design starts vith the
elastic moment distribution with further reduction of the maximum
negative moments at the supports, and appropriate increases
applied to the in-span someta.

A reduction of 15 percent in the negative moment at the
inner support of a two equal-span continuous panel is consf-dered
acceptable whereas only a reduction of 10 percent in the negative
moment of the inner support of the first span of a multi-span
(three or more) continuous panel is recommended. Using these
recomendations, the computed maximum resistances of a two-span
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or a multi-span panel become very close to one another, and for
simplicity, average values shall be used to cover both cases.

Consequently, for design purposes, the following re-
sistance formulas are recomuended:

1. Simply-supported, single-span panel

S- (8.0 Nup)/L 2  (3.24)

2. Simple-fixed, single-span panel or first
span of equally-spaced continuous panel

S(12.2 Mp)/L2

or (3.25)

r- (10.1 MUU)/L 2

whichever governs, and where ru is the resistance per unit length
of the panel.

As previously mentioned, the behavior of cold-formed
sections in flexure is non-linear as shown In Figs. 3.8(s) and
3.8(b). A bilinear approximation of the resistance-deflection
curve is asesmed for design. The equivalent elastic deflection
XE is obtained by using the following equation:

XE - (OruL4)/IEeq (3.26)

where 8 is a constant depending on the support conditions as
follows:

0 - 0.0130 for simply-supported elmnts

B - 0.0062 for simple-fixed or
continuous el mte, and

1eq - 0.75 120

where 120 is defined as the effective moment of inertia of the
section at a service stress of 20 ksi. The value of 120 is gen-
srally tabulated as a section property of the panel.

figure 3.8(c) illustrates the non-linear character of
the resistance-deflection curve and the suggested bilinear ap-
proximation. X, ia defined as the maximum deflection at maxism
resistance, and lu is the ultimate deflection after the drop in
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load-caTrryig Capacity. Based on etperlasntal evidence, the ratio
of X1/XE has been estimated to range between 2.0 and 2.5. The
amount of plastic deformation which Is acceptable In design will
vary In iagpitude depending on the reusability or con-reusability
of the panel after an accidental explosion.

The extent of plastic behavior Is expressed In terms of
a ductility ratio V' - %./X E' In Fig. 3.8(c), (Zm)r and (0
designate the saxinue deflectiono for reusable and non-reusalle
elements, respectively. According to the criteria In Section
2.3.3, the following design ductility ratios are recommeded:

u (Im)r/Xg a 1.25 for reusable

and (3.27)

U * Zu~I~i 1.75 for nan-reusable.

Theme values represent reasonable estimates of the actual capa-
city of the asmber to uindergo linited plastic deformations. The
maximum displacements are kept below the deflection corresponding
to maximam resistance in order to prevent any serious Impairment
to the element. Furthermore, the area beyond (];,n and the des-
cending curve, up to couplete loss of carrying capacity Is con-
sidered a reserve capacity for energy absorption and a safeguard
against total collapse.

In addition, In order to restrict the magnitude of ro-
tation at the supports, limtations are placed an the nmmuna
deflection., namely:

(a - L/130 or $11 o.90

(3.28)

(1) L/65 or Ins 1.80

for reusable and non-reusable elements, respectively. The values
for saximam rotations of cold-formed panels are laes than those
recommended for hot-rolled sections due to the experimental obser-
vation of mall deflections at failure for that type of eliment.

When perfforing a one1-deSgre-of-freedomf analysis Of the
panel 's behavior, the properties of the equivalent syst.. can be
evaluated by using a load-iass factor -L 0.74 which is on
average value applicable to all wmpport conditiovks. The natural
period of vibration for the equivaleut single-dgree ayetes to
thuas obtained by
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where a1 wi/ is the unit mass of the panel and K 1  srLIXE is the
equivalent elastic stiffness of th system.

The problem nf rebound should be considered in tOe design
of decking due to the different section properties of the panel,
depending on whether the hat section or the flat sheet is in cou-
pression. Figure 3.9 presents the maximm elastic resistance tn
rebound as a function of T/TN. tu the practical design range,
TIT is generally larger than 1.0. and hence, the required elastic
resistance in rebound will be less than 0.Tru. most decks have
section properties that will provide an elastic resistance In re-
bound at least equal to this value. However, for the few cases
where the actual resistance of the deck In rebound villI be smler
than that indicated on the chart of Fig. 3.9, plastic behavior in
rebound must be considered and checked against the design criteria.
While the behavior in rebound does not often control, the designer
should be aware of the problem. In any event, there is a need for
providing connectors capable of resisting up-lift or pull-out
forces due to load rtversal In rebound.

In conclusion, due to the limited amount of experimental
date available on the performance of cold-formed, light-gage ele-
ments in the Inelastic domain, the overall level of confidence in
the design of that type of element Is considered to be lower than
that of hot-rolled sections. Rather than alter the basic design
criteria on this count, it is recommended chat the peak pressure
of the pressure-time loading obtained from TH 5-1300 shall be
multiplied by an increase factor of 1.1 for the design of the
panels only.

3.7.3 Resistance in Shear

In cold-formed steel construction, the designer is faced
vith somewhat different problems from those encountered in hot-
rolled members since vebs vith hit values In excess of 60 are
common sod, at the sam tine, the fabrication proceso makes it
impractical to use stiffeners. The design web stresses mxat
therefore be limited to inasure adequate stability without the aid
of stiffeners, thereby preventing premature local web fall-are
and the accompanying loss of load-carrying capacity.

The posibility of web buckling due to beading stresses
exists and the critical bandiaS stress Is givino by

pcr - �40O,•O/(h/t)2 F (3.30)
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Equating T. to 32 kha (a stress close to the yielding of the
matertal), a value of h/t - 141 ti obtained. Since It ti known
that webs do not actually fell at these theoretical buckling
stresses due to the development of post-buckling etragth, it can
be safely assuaed that webs with h/t < 150 will not be suscep-
tible to flexural buckling. Moreover, since the ,IS1 recomends-
tions prescribe a limit of hit - 150 for unastiffemed webs, -.hU
type of 'Ab instability need not be considered in design.

Panels are generally manufactured in geometrical pro-
portions which preclude web-shear problema when used for recoi-
eonded spans and minimu support-bearing lengths of 2 to 3 inches.
In bleat desiga, however, because of the Rreater intensity of the
loading, the increase in required flexural resistance of the
panels ralae for shorter span*. As a result, the problem of shear
resistance is magnified and requires special treatment.

in most cases, the shear capacity of a web Is dlctated
b. Instability due to either:

a. Simple sheer stresses, or

b. Umbiued benotn-A and shearing stresses.

For the case of atxple shear stressea, as encountered at
an end support, it Is important. to diatinguish three ranges of
behavlor depending on the t-apuitude of h/t. For large values of
h/t, the masiaa shear c:rets is dictate by the elastic bucklinA
In shear; for intermediate hft values, the inelastic buckling of
the web. governs; Zhene. t for very mall values of bit. local
buckltl. will •nt occur and failure will be caused by yieldtin
produre4 by shear atrnst. The pNrovisions of the AIS? Specifi-
ceation It this area are basaed on a ;fety factor ranging frou
1.44 to 1.62 depending upon Wt. for blsee-rosranr deign, the
ocOrnM4eie deetin treseats for stale shear are based on an ex-

tenatoc of the AISE provwosons lt' couply with- ultimate iosd con-
ditInOe. The specific equatioms (or Ue in deeism are tariteS

InTable 3.4(a),

At Pie interior ;opponas of CouticWuOu PaIte.e high
be,eswlog wCata. rc)tine wish large *shaar forces. end webs must be
cheK~ed for buckling 4me tu1 cotbioed bendio* end shteer. the In-
tnatlon Eoruuia prnto"' In rw 4.$e AISI to its sive
Inu t*eof allutwble stresse% rather thAn Cr~tti4 *etoteses whcb
pTrOdce buckdin. tn or'•e: to sda-p this itteraction forMUla to
u~ttnto 164J roditt•eos, the problm of inelastic bocklim uender
cwlhtaed treases *As b*A coo•siered to the deelopmenr of the
recommended desit* data.
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In order to minimise the amount and complexity of des$ýgo
calculations, the allowable dynamic desigo shear stresesa at the
intertor support of a contluacus memer have been computed for
diff erent deptb-tbickneee ratios and tabulated In Table 3.4(b).

TABLE 3.4

DYKAKILC DESLIGN SMEAR STEESSES FOR WEBS
OF COLD-FORflD MGMBER (Fy 33.0 KSI)

(a) Staple Shear

(bit) <63 tdv - O.SOFdY 1 18.0 kit

63 < (bit) < 93 v ~a (1900'V47)i(hlt)

- (1.14 x l03h/QtIt)

93 < (bit) -< 150 Tdv =(1.07 x 105)I(hiej'

(b) CombindBeadinatnd Shear

St~fl Fdv$kui)

30 8.95

4.0 8.85

50 8.75

70 8.50

80 8.30
90 8.10

1oo 7.851
110 7.60
120 7.30

It% addctlou to s*Mar Problem, conicentrated loads or re.-

laction at panel supporte, applied over relatively *%Ott lengths.
anpvcduce 1o4A in~tsnAtitin that CAn cripple tniffeaed thin

vuba. As stated 11o t~he comantary of thes AQS! Sptrificatloo, a
theore-tical sanlysle of the ptcomanon -u web cttijpltng I* ex-
treely cdpltl since It icwolne- elastCic and tueleatic tunatbilfty
uatar wn-nitoaru streta 4irrtrbuttoo. cahotked vith loc#l yieldia-4
io the inftate, raaioo of load 4spplicattoe. The LISt recomaula-

~1a hae bendanlop.4 bp 'telet tu, axtacaive pexiritaaatal data
to ser~vice owads with a soafty factor of 2.2 which was aetabltihed
UUAin into accow't the scatter io tba ata. -Pow blast design of



cold-formed panels, it is recommended that the AISI values be mul-
tiplied by a factor of 1.50 in order to relate the crippling loads
to ultimate conditions with sufficient provision for scatter in
test dsta.

Since it has bezn recommended that closed section panels
(flat sheet aud hat sections) be used, only those equations per-
taining to webs restrained from rotation will be considered.
Using a yield stress of 33.0 ksl and the factor of 1.50 mentioned
above, the ultiuate crippling loads are given as follows:

a. Acceptable ultimate end support reaction

Qu a 49.5t 2 (4.44 + 0.558,-ft) (3.31)

b. Acceptablc- -.ate interior support reaction

SQu - 49"C2(6.66 + 1.446VFi_) (3.32)

where Qu = ultimate support reapi'con

N - bearing length

t - web thickness

The charts in Figs. 3,10(a) and 3.10(b) pre&ent the
variation of Qu as a function of the web thickness for bearing
lengths from 1 to 5 inches, for end and interior supports, re-
spectively. It should be noted that the value3 reported in the
charts relate to one web only, the total ultimate reaction being
obtained by multiplying Qu by the number of webs in the panel.

In design, the maximum shear forces and dynamic reactions
are computed as a function of the maximum resistance in flexure.
The ultimate load-carrying capacity of the webs of the panel must
then be compared with these forces. t.s a general comment, the
shear capacity is controlled by simple shear buckling or web crip-
pling for simply-supported elements and by the allowable design
shear stresses at the interior supports for continuous panels.

In addition, it can be shown that the resistance in shear
governs only in cases of relatively very short spans. If a design
is controlled by shear resistance, it is recommended that another
panel 'e selected since a flexural failure mode is generally pre-
ferred However, for existing installations that are to be checked

for their structural strength in a certain pressure range, the
maximum resistance of the panel may be determined by either flex-
ure or shear, whichever controls.
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3.8 Special Provisions for Open-Web Steel Joists

Open-web Joists are commonly used as load-carrying mon-

bers for the direct support of roof and floor deck ir. buildings.
The design of joists for conventional loads is covered by the

"Standard Specification for Open Web Steel Joists, J-Series and

H-Series", adopted by the Steel Joist Institute and the American

Institute of Steel Construction. For blast design, all the pro-

visions of this Specification are in force, except as modified

herein.

These Joists are manufactured using either hot-rolled or

cold-formed steel. H-series Joists are composed of 50-ksi steel

in the chord members and either 36-ksi or 50-ksi steel for the web

sections. J-series joists have 36-ksi steel throughout.

Standard load tables are available for simply-supported,

uniformly-loaded Joists supporting a deck and so constructed that

the top chord is braced against lateral buckling. These tables

indicate that the capacity of a particular joist may be governed

by either flexural or shear (maximum end reaction) considerations.

As discussed previously, it is preferable in blast applications to

select a member whose capacity is controlled by flexure.

The tabulated loads include a check on the bottom chord

as an axially-loaded tensile member and the design of the top

chord as a column or beau column. The width-thickness ratios

of the unstiffened or stiffened elements of the cross-section are

also lisited to values specified in the Standard Specification
for Joists.

The dynamic ultimate capacity of open-veb Joists may be

taken equal to 1.87 times the load given in the joist tables.

This value of 1.87 represents the safety factor of 1.7 multiplied
by a dynamic increase factor of 1.1.

The adequacy of the section in rebouud must be evaluated.

Upon calculating the required resistan-e in rebound, r/ru, using

the rebound chart in Chapter 6 of TM 5-1300 (Fig. 6-8), the lower

chord must be checked as a column or beam column. If the bottom

chord of a standard joist is not adequate in rebound, the chord

must be strengthened either by reducing the unbraced length or by

increasing the chord area. The top chord must be checked as an
axial tensile member but in most circumstances, it will be adequate.

The bridging members required by the joist specification

should be checked for both the initial and rebound phase of the

response to verify that they satisfy the required spacing of com-

pression flange bracing for lateral buckling.
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The joist tables indicate that the design of some joists
is governed by failure of the web bar mmbers in teusion or com-
pression near the supports. In such cases, the ductility ratio
for the joist should not exceed unity. In addition, the joist
ambers near the support should be inv-stigated for the worst com-
bination of slenderness rstio and axial load under load reversal.

For hot-rolled members not limited by shear considera-
tions, design ductility ratios up to the values specified in
Chapter 2 can be used. The design ductility ratio of joists with
light gage chord members should be limited to 1.0.

The top and bottom chords should be symmetrical about a
vertical axis. If double angles or bars are used as chord mew-
bers, the components of each chord should be fastened together
so as to act as a single member.

A
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C:OL.tUMINS AND BIEAM COLI.M'VS

:, .1I ntrodur-t Ion

"This chapter considers the dynamic design of steel columns
and hearl.-columns. Except as modified herein, the provisions on

plastic design of the current Issue of the AISC Specification
aply v . In addlirion to the provisions set forth In this chapter,
tile members should satisfy the requirements of Section 3.3.4,
l.ocal Buekl1lnc., and Section 3.3.6, lateral Braclnp.

The buc'kliny, strength of columns subjected to dynamic
l,,adinm is dependent not only upon the magnitude of the pressure
pu1se but also upon the rise time of the loading and the duration
Of the loadIni' pulse relative to the natural frequency of the mem-
ber. For a short duration load, a column will sustain a greater
load than under static conditions, since inertial forces retard
the buckling process,. thereby providing a stabiliztnp effect.
Hence, in blast design, a reasonable approach will be to base the
calculations upon the static formulas for steel columns presented
in Part 2 of the AISC Specification with the modification that the
static yield stress is replaced by the comparable dynamic value.

4..2) Plastic Desl•,r. Criteria

The design crite'ria for roll,.n .-nI bhe 'v- columns must
... •for Liheir behavior not only as individual members but also

as members of the overall frame structure. Within a rigid frame,
the individual members are subjected to various combinations of
axial load, bendinR moments and end restraint. In addition, their
stability Is affected by lateral torsional buckling and the over-
all frame characteristics in terms of sway stability and lateral
deflection.

D)epending upon the nature of the loading, several design
cases may be encountered. Summarized below are the necessary
equations for the dynamic design of steel columns and beam-columns.

(I) In the plane of bending of compression members which
would develop a plastic hinge at ultimate loading, the
slenderness ratio 1/r shall not exceed Cc defined by:

ic

2c 2ff l.:/rd, (4.1)

ot b ~10 Co0P Y



where E is the modulus of elasticity of steel in ksi
(29,000) and is the dynamic yield stress (seeChapter 2). dy

(2) The ultimate strength of an axially loaded compression
member should be taken as:

Pu - 1. 7 AFa (4.2)

where A is the gross area of the member and Fa is given by
[i - (Ki/r) 2 Fd

F a 2c~ dy• . F a -( 4 . 3 )

5 + 3(KI/r) -. (l/r) 3

3 8 C 8C3

where K//r is the largest effective slenderness ratio.
See Section 4.3.

(3) Members subject to combined axial load and biaxial
bending uoment should be proportioned so as to satisfy
the following set of interaction formulas, i.e.;
Equation 4.4 in all cases and either Equation 4.5(a)
or Equation 4.5(b), whichever applies.

P + CUXIX + '=Y'Y < 1 (4.4)

Pu ( - P/Pex)Mu (1 - P/Pey)my

P + Mx + My < 1.0 for P/P > 0.15 [4.5(a)]

P p l.18?MX

or

+ my < for P/P < 0.15 (4.5(b)]

px Mpy

where Kx, -= maximum applied momenta about the x and
y axes

P - applied axial load

Pex a 23/12 AF' ; P 23/12 AFey
F, a 12W2 Et[23(Kl~b/Vx) 2)

e~x
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SF' 12T2 E/[23(KLib/ry)21

lb - actual unbraced length In the plane
of bending

rxS r. . corresponding radii of gyration

Pp . FdyA

CrMx, CmV coefficients applied to bendins, term in
interaction formula and dependent upon
column curvature caused by applied moments
(see Section 1.6.1 of the AISC Specification).

Mpx, MPy plastic bending capacities about the
x and y axes - FdyZx, FdyZy , respectively

NMx, Mmy moments that can be resisted by the member
in the absence of axial load

For columns braced in the weak direction

1 p = = MIpy (4.6)

For columns unbraced in the weak direction

Mmx -[1.07 - (1/ry)/VFdy/3160l'M px M px (4.7)

Mmv - [1.07 - (Z/rx)/Fdv/3160]Mpy <!py

Subscripts x and y Indicate the axis of bending about

which a particular design property applies.

Columns may be considered braced in the weak direction

when the provisions of Section 3.3.6 are satisfied.

Beam-columns should also satisfy the requirements of

Section 3.3.3, Design for Shear.

4.3 Fffective Length Rat ios for Beam-Columns

The basis for determining the effectivy lentths of beam-

columns for use in the calculation of Pu0 
1 enx Pev, %x and Mmy il

plaatic design is outlined below.

For plasticallv designed braced and unbraced planar

frames which are supported against dtisplacement normal to their

plane, the effective lenvth ratios in Tables *,.1 and 4..' shall
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.o:te 4. corresponds to bending about the strom, axis
of a nteIentr, while Table 4.2 corresponds to bending about the
weaL a xi,,. In each case, i, is the diotance between points. of
lateral -;upport corresponding to r, Or r Ps applicable. The
*-ffvctivt. lenth factor. K. in the planeof bending shall be gov-
erne! v the oircvisions of Section 4.4.

!'t,%LE 4 .1

H;VIW ;Vi. I~iNC(' I•V R ,T• I'PR BEAM-COIL.INS (WEBIS OF MEM4LR
IN 0IE VI..A:;E tni- THE FRAME. i .e. , BENDING ABOUT THE STRO'NG AXIS)

One- and Two-Story
firac.&d Pi.mn.,r Frames* Unbraced Planar Fram:nes*

!'se r;'er rAti, Use larger ratio,

!/. or h/rx Z'r or KI/rx

"I se itrx Use KZ/rx

I se "/r Use _y

'/ r, ;hal 1 not exceed Cc

:ABIF 4.2

.I FECTIVE I.E.N;Tlt RATIOS FOR BEAM-COIHiN'S (FLANGES OF MEMBERS
71; ThE PLANE OF i'E. FRAME, i.e., BENDING ABOUT THE WEAK AXTS)

One- and 'Io-Story
Braced Planar Frames* Unbraced Planar Frames*

s Ie larger ratio, Use larger ratio,
It I

Z/rv or !/r, Z/rx or KZ/ry
',' I/rl Use Kl/ry

-- ' !; r. Use 1/rx

*,/rv -shai- not exreed C

F'or col~tmns sub ected to biaxlal bending, the effective
lentl, s,,i':en In 'ables 4.1 and 4.2 apply for bending about the
rt?',;,ectivc. jy.s, i'xc,;)t that Put for tinbraced frames shall be based
otn e !arr,.r of the ratlos ,rx or K7./r In addition, the
la:',,r of th .lendernss rati ./rx or ./rV shall not exceed Cc,

7
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4.4 Effective Length Factor, K

In braced frames wherein lateral stability is provided
by adequate attachment to diagonal bracing, shear walls, an ad-
jacent structure having adequate lateral stability, floor slabs
or roof decks secured horizontally by walls, or bracing systems
parallel to the plane of the frame, the effective length factor,
K, for the compression members should be taken as unity, unless
analysis shows that a maller value may be used.

However, when a column or a bean-column is a member of
an unbraced frame, the K factor can be greater than unity depend-
ing upon the degree and nature of fixity at the ends of the member.
There are various methods for evaluating the effective length
factor including some relatively recent developments which are
gaining recognition, such as the inelastic K-factor concept and
the story buckling strength concept. The best source of authori-
tative data in the area of K factors is the Commentary to the
AISC Specification, with Supplements and other AISC literature.

In plastic design, it is usually sufficiently accurate
to use the K factors from Table C 1.8.1 of the AISC Manual for the
condition closest to that in question rather than to refer to the
alignment chart (Figure C 1.8.2 nf the AISC Manual). It is per-
missible to interpolate between different conditions in Table 4.3
(Table C 1.8.1 of the AISC Manual) using engineering judgment.
In general, a derign K value of 1.5 is conservative for the columns
of unbraced frames when the base of the columns is assumed pinned,
since conventional column base details will usually provide partial
rotational restraint at the column base. For the girders of un-
braced frames, a design K value of 0.75 is reconended.
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CHAPTER 5

FRAME DES IQ4

5.1 Introduction

"T7he dynamic plastic design of frames for blast-resistant
structures is treated in this chapter. The material is
reiented toward industrial building applications coidon to

ammunition manufacturing and storage facilities, i.e.,
relatively low, predominantly single-story, multi-bay struc-
tures. This treatment applies principally to acceptor struc-
tures subjected to incident overpressures at barricaded dis-
tances, or face-on overpressures at unbarricaded distances,
i.e. about 10 psi.

The design of blast-resistant frames is characterized by
the following:

a. Simultaneous application of vertical and horizontal

pressure-Lime loadings with peak overpressures con-
siderably in excess of conventional loads.

b. Design criteria permitting inelastic local and over-
all dynamic structural deformations (deflections and
rotations).

c. Design requirements dictated b" the operational needs
of the facility and, often, the need tor reusability,
with minor repair work, following an accidental
explosion.

A wide variatv of solutions exist for the overall framieg
system chosen tor a particul.Ir application. Thiis choice is
governed by the streagth, stiffness antd stability requirements
for the structure in response to t0e imposed blast loading as
defined by the peak overpresgure, the load duration and the
orientation ol. the path ot the blast wave with respect to the
axezz of the structure. Other equally i.-portant iniluences
include operational and architectural retpaireents. the desired
post-accident condition and economy of -aterial and fabrication.

Rigid frame congtruction is recoeended in the design of
blast-resistant structures sitce this system provides opea
interior space corbined with substantial resistance to lateral
torces. In addiLion, this type of construction possesses
inhrent energy absorption rapabilitv due to the stwcccssive
develop•tht of pl-istic hinges up to the ultimate -apacity of
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5.2.1 Collapse Mechanisms for Rectangular Multi-Bay
Frames

General expressions for the possible collapse mechanisms
of single-story rigid frames are presented in Table 5.1 for
pinned and fixed base frames subjected to combined vertical
and horizontal loading. The governing failure mode in a par-
ticular application depends upon the overall frame geometry,
the relation between member properties within the frame and
the ratio of the peak horizontal to vertical blast load. The
design objective is then to proportion the frame members such
that the governing mechanism represents an economical solution.

For a particular frame within a framing system, the
ratio of total horizontal to vertical peak loading, denoted by
,. is influenced by the horizontal framing plan of the struc-
ture and is determined as follows:

z = qh/qv (5.1)

where qv = Pvb4 = peak vertical load on rigid frame

qh = Phbh - peak horizontal load on rigid frame

Pv a blast over-pressure on roof

Ph - reflected blast pressure on front wall

bv = tributary width for vertical loading

bh - tributary width for horizontal loading

The i ratio will usually lie in the range from about 1.8
to 2.5 when the blast wave is directed perpendicular to the
roof purlins. The value of t is much higher when the direction
of the blast is parallel to the purlins, since in this case only
part of the vertical load is carried by the girders of the
rigid frame in the direction of the load.

It is assumed that the plastic bending capacity of the
roof girder, M., is constant for all bays. The capacity of the
exterior and interior columns are taken as CM• and CIMp,
respectively. Since the exterior column is generally subjected
to reflected pressures, it is recommended that a value of C
greater than 1.0 be selected, i.e. the bending capacity of the
exterior column should be greater than that of the roof girder.
Therefore, for the purpose ef analysis, the plastic hinge at
the blastward haunch is assumed to form in the girder, although



TAAiLL .1 CULLAPSE MECHANISMS FOR RiGID FRAMES WITH
PI:NNEU 8ASES.

Coilnpse Mechan;sm Plastic Moment MP.

Pinned Boses Fixed Bases
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this assumption may not result in an economical design if the
span of the exterior bay is substantially greater than the
height of the frame.

The resistance for each mechanism mn.y be computed by
equating the work done by the external loads to the internal
work absorbed by each plastic hinge as it rotates. For
example, for the roof girder fixed-ended beam mechanism of a
single-bay frame, the external work, WE, is given by (wL2 ;,)/4

where - is the rotation of a member in the assumed collapse
mechanism. The internal work, WI, is given by 4 B'. y
equating the external work to the internal work, he moment
capacity corresponding to this mechaniism is wL2 /16.

As seen from Table 5.1, the mechanism that corresponds
to the lowest possible resistance is a function of the relative
magnitudes of the horizontal and vertical forces, the height
and length of a bay, the number of bays, and the ratios, C and
C1, of the plastic bending capacities of the columns to the
plastic bending capacities of the girders. It is evident that
the choice of C and C1 determines whether certain hinges will
form in the girder or in the column or In both simultanecusly.
However, for analytical purposes, the hinge may be assumed to
be concentrated at the haunch. Th" valuos of C and C1 have a
major influence on the weight and bhehavlor of thp frame 3ince
they establish the relaZtve bending capacities for the girders
and the columns.

It will normally be uneconomical to proportion a frame
subjected to vertical and horizontal blast pressures so that
the mode of failure is a simple beam mechanism 'Since this
implies that either the roof girder or the columns will he de-
signed to remain elastic. It will generally be found that a
combined sidesway mechanism, with hinges in both the girders
and the columns provides greater overall economy.

In analyzing a given frame with certain member properties,
the controlling mechanism is the one with the lowest resistance.
In design, however, the load is fixed and the required design
plastic moment is the largest X. value obtained from all possible
mechanisms. For that purpose C and C1 should be selected so as
to minimize the value of the maximum required from aumng all
the possible mechanisms. Reasonable values of(i and C, can he
established by substituting assumed values of these constants
in the expressions given in Table 5.1 and calculating Mp. After
a few trials, it will become obvious which choice of L and C1
tends to minimize the largest value of X.. Rigorous minimum
wetiht design procedures could he used to establish C and C1 ,
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bLIL suca procedures ar-e relatively complex and time consuming

and are not warranted for a preliminary design.

5.n IL. JicefletionS aad Rotations

SUt JiC, doesign i~ based prinuirilv on strength considera-
tions with zomc servicibility limitations Onl the deflections and
rotation. at? the survice load level and consequently, tile
(jtotmiiatisu associated with the cýollapse mechanism are not.

uS',.llV c.iculated. ilowtever, In tLho dvi-annic design of steel
frames Aii(-h are permiLted to deflet-C well into the plastic
tallgf. it Is i-sserntial to COMI;)ute the riaxiMUmI inelastic deflec-
'iLouS and i'-'tationS sinc~e these quanitities, in addition to thle
strength ret~u'reML'ntS, constitute the b'sd design parameters.

As discubstsd previously, it wilt normaLly be more
eCLOQnoi~il~l to proportion the members so that the controlling
failure i:oecanisri is a combined mechanism rather Lhan a beam
mechanism. Thie mechanism having tile least resistance consti-
tutes an acceptabl e mode oi failure provided that the magnitudes
of tile wxiui defloctioas and rotations do not exceed the maxi-
mum values reco~endeii in (Ctapuer of this report.

For thle purpose, oC prolimin:iry design, it is necessary
to tmike '_ertalin initial assumptions regarding the dynamic
ef zeLt 1: the load on th.! doflect ion of theu frame. *1hest.
a.:ý-ikmpt ions are require-d Since the natural period L'. the
sysLem Ii~ IniLiail.y tanluiwi. I.. obtain Initial estimares of
the required mechanism~ re!sistance'_, thue dynamic load fartors of
ra15ie 5'.2 Mly bW kised to obtain Cquivalent st.Atie l01d; tor
the indicated mhzisn. ehse factors were obtained trom

s igi ~-dgre-ot-~ eedn' nal y'es of several, steel tra'Mins in
46n tiutermeditte to low prer-iurp rwnge. F-or eximple, consider-

is'the S te~.ovy 10wha1-vtor ol ti slgesuy nil i-bay i.vame
with pinined bases, the pakraaeter TltNý I% utuail about 0.4 where

~~~W 2 h od duriitloa and !.% It; the natural period, of vibration
for Owthe ii.. ior ute d'~l itli t y rat io of 3 corresponding to
ai vusabke structure. I~iure tv-7 ot TM, 5-1300t Indicateu. that

2M rt I Ateh corresponids tu a dynamnic loadJ factor (RJ1s) of

The tire Ilin.i trNv lead factorn in Table 5~.2 are neeecas~rily
appoxi~te and make no dis~tlnction tot different end ronditionmi.

tlooe t'rct.V Art, Ox-pcted to rosalit Itv rew-onable estimatea o(
ths.ý requiredi resistance for .3 wrial de,,;ipj. Onre Lthe trial mem-
bet aILZ'.64 !rC C6tabliSb'Md, dien Owe natural period and
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duflection of the frafie tan be Ic alculaLcd using the procedure
and data of Section 5.2.5.

TABLE 5.2

DYNAMIC LOAD FA(:TOKS (DI.F) AND EQUIVALENT
STATIC LOADS FOR 'rRIAL DESIGN

STRUCTURE
COLLAPSE
M•ECHANISM REUSABLE NON-REUSABLE

Beam 1.0 0.8

Panel or Combined 0.5 0.35

Equivalent static vertical load = v x DLF = w

Equivalent static horizontal load = q x DLF = aw

The dynamic load factors of Table 5.2 are presented for
both reusable and non-reusable frames. In each case, the fac-
tors for a panel or combined sidesway mechanism are lower than
those for a beam mechanism since the natural period of a sides-
way aude will normally be greater than the natural periods ot
the individual elements.

5.2.4 Preliminary Sizing of Frame Members

to obtain preliminary estimates of the peak axial forces
in the gird,.rs, the approximate formulas of Figure S.1 may be
used. Figure 5.1 may also be used for calculating preliminary
vaIues uf the peak shears in the columns. Nn applying Figure
5.1 in preliminary design, the equivalent horizontal static'
load shall be computed using the dynamic load factor for a
panel or combined sidesway mechanism.

Preliminary values of the peak axial loads in the eoluM11s
and peak shears in the giriers may he computed by multiplying
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Figure 5.1 Preliminary values of peak shears and axial loads
due to horizontal loading of single-bay and
multi-bay frames.
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the equivalent vertical static load by the roof tributary area.
Since the axial loads in the columns are dite to the reaction
from the roof girders, the equivalent static vertical load
should be computed using the dynamic load factor for a beam
mechanism.

Each member in a frame under the action of horizontal
and vertical blast loads is s;ubjected to combined bending
moments and axial loads. Therefore, the resistance of a frame
depends upon the ultimate strength of the members acting as
beam-columns.

Due to the dynamic nature of the blast loads, the phasing
[etween critical values of the axial force and bending moment
cannot be established from a simplified analysis. Therefore,
":t is recommended that the axial loads and moments computed in
accordance with the above recommendations be assumed to act
Loncurrently for the pur 'se of beam-column design. This
assumption tends to be c, iservative.

.When a blast wave impinges on the building from a quarter-
ing direction, the columns and the girders in the exterior
frames are subject to biaxial bending due to the simultaneous
action of vertical pressures on the roof and horizontal pres-
sures on the exterior walls. In such cases, the moments and
forces are calculated oy analYzing the iesponse of the frame
in each direction for the appropriate components of the load.
The results in each direction are then superimposed in order
to perform the analysis or design of the beams, columns and
beam-colugmns of the structurt. This approach is generally con-
servative since it assumes that the peak values of the forces
in each direction occur simultaneously throughout the three-
dimensional structure.

Having estimated the rmaximum values of the forces and
moments throughout thu frame, the preliminary sizing of the
members can be perforr-] using the criteria in Chapter 2 and
the procedures for beams, columns . e zan-'olumns in Chapters
3 and 4.

5.2.5 Stiffness and Deflection

Since the preliminary design of the frame is based oti
assumed dynamic load factors, it is desirable to uauke an approx-
imate calculation of the sidesway deflection of the frame pcior
to performing a rigorous anaJysis on a computer. The deflection
,•f a possible local mechanisi,. of the roof girder or front column
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Rigid Girder

X ,igi3 Gire* XE ,Flexible Girder

SieIo eletion I e

Figure 3.2 Effect of girder flexibility on resistance-
deflection function of multi-bay frames in
sidtsway.

zýhoWl~t also be corputedl. Thie latter can be carried out us-ing
tint ap'nropriate stiffness and resistance functions for these
oletxnts in conjunction wlith Chapter 3 of this report and with
the dynamic response ch~arts in Chapter 6 of 171 5-1300.

lo estimate the s.11dewav defl~ection of the frame, the
flexibility of the girders should he taken into account; other-
wise, the coaqputed displacem~ents mayi be underestimnted consider-
aibly. An approxinuite method which accounts for girder flex-
ibil~ity is presented below. Figure 5_1 presents the form of the
res is tan,ýe-de, leet ion dJiagram for a typical multi-column frame
siubjected tO l~aterail load. Line A represent-4 the resistance
tQr infinite girder stiffness. With infinite girder stiffnests,
plastic hir.geŽs would develop simultaneously at both ends uf all
columns. If the actual girder- flexibility is con~sidered, the
hinges would be found tO develop Successively as indicated by
Line BI. Thie ruomei.nded resistane dingram is I.ine C,. an exten-
-,Jue ot Ohe tniti~al, tilope of Line H to the Inters.ection with the
li e of auximmuni vesistan~ce. Thk' S;tiadfe area rejpresentls the
Airrom' introduced. Use o, Line C will reqkult in a. calcudAted
deftection which Is smaller than the* true deflect ion, however,
the error involved is genet-ally ;mat~ll. To obtain the effective
spcing constant K considering girder flexibility, It is neces-
Sary to dtertaine the slope of Une . T1his (-.-n be determined

b, limosing a inxiformly distributed horiz'ontal load upon Lthe
f rw:a riand calculatalný, the eorre.-;pond ing horizontial, deflection

ottegizJer.



The stiffness factor K, for single-story rectangular

frames subjected to uniform horizontal loading is defined in
Table 5.3. Considering an equivalent single-degree-of-freedom

system, the sidesway natural period of this frame is

2- /Vme/KK1  (5.2)

where i1 is a load factor that modifies K, the frame stiffness
due to a uniform load, so that the product, KK is the equiva-
lent stiffness due to a unit load applied at tie equivalent
lumped mass, me. T'he load factor is given by

!e

KL - 0.55(t - 0.25r) (5.3)

where base fixity factor (i.e., 0 for a pinned base and
I. = 1 for a fixed base). The equivalent mass me to be used in

calculating the period of a sidesway mode consist of the total
roof mass plus one-third of the column and wall masses. Since

all of these masses are considered to be concentrated at the
roof level the mass factor KM is equal to 1.0.

The limiting resistance R is given by

Ru - twH (5.4)

where w is the equivalent static load based on the dynamic load

factor fir a panel or combined sidesway mechanism.

It should be pointed out that R corresponds to the
smallest value of the resistance for all possible panel or

combined mechanisms as determined from Section 5.2.

The equivalent elastic deflection XE corresponding to Ru
is

XE g Ru/K (5.5)

The ductility ratio for the sidesway deflection of the
frame can be computed using the dynamic response chart (Figure
6.7) of TM 5-1300.

The maximum deilection Xm is then calculated from

(5.6)

where Is the ductility r~atio in sidesway.
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TAL3LL 5.3 v;iFNL[S ýACI_;63 rOR 1SINGLL-SIORY, MULTI-wAY
FRAMLES SjBJLCTHg TU UNIFORM HORIZONTAL LOADING.

STIFFNESS FACTOR K E its C[

HI .c (.[7o -o0. 10)(n-)

n =Number of Bays Ig

0 =Base Fixity Foctor" lI

-f, (0.75 + O. 25B )/H L

Ica Average Column Moment of Inerito
:ZIo/(n÷ I)

C2
o r.. .o 0.

.a1.0 p .05* IP.0

0.25 26.7 14.9 3.06
0.50 32.0 17.8 4.65
1,00 37.3 20.6 6.04

* Volues of C2 oe AW0o0ete for this,
t J9-10 For Fixed Base

0 0.0 For Hinged Bose
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5ii. 3 lPrelir~arv Design of Single-.Story Frames with

S uple mnitar-v Bracing

5.3.1 lnitoduction

This section presents an approximate method for the pre-
limiuarv design of single-story frames with supplementary brac-
ing and either rigid or non-rigid girder to column connections.
Me procedure is similar to that presented in Section 5.2 for
rigid frames except that the formulas are modified to include
tie effect of bracing. For design purposes, the behavior of
these fra-.mes can be treated as the combination of two separate
load-carLying systems, i.e., rigid frame action plus bracing.
Only frames with diagonal X bracing are considered and only
the tension diagonal is assumed effective in resisting horizon-
tal load and contributing to the frame stiffness.

In the remainder of this section, 'it should be noted that
whenever the term "braced frame" is used, reference is still
being made to this special framing case of frame action with
supplementary diagonal bracing.

5.3.2 Bracing Ductility Ra1tio

For these applications, the brace members are nft ex-
pected to rema,'n elastic under the blast loading. ft is there-
fore necessary to determine if this yielding will he excessive
when the system is permitted to deflect to the limits given in
Section 2.3.3. On the basis of the analysis summarized below,
it can be concluded that the maximum bracing ductility ratio
will be acceptable provided that ductile steel bracing members
are used.

VTe ductilitv ratio associated with tension yielding of
the bracing may be expressed as the ratio of the maxitmu
strain in the brace to the yield strain as follows:

"--ms" (5.7)

where , is the mixim= strain .-and is the yield strain
given byf -,E where F is the dynamk yield stress and E is
Votun'18a rMu hilus.

Assu=ing s911 deflections aand neglecting axial deforma-
tLons in the girders and coluwas. the rwxlmu= strain In z brace
is g•ven by

", (- ) 1 ( .8



wh, re - t, ui sideiwcy deflection, 1. is the hay width .- cd IF,

:i, vrti,,i n. ! *lv, biLw.en the bract and a horizonlal plane.
l11v dekrlVacion ci this relatiunship is shown in Figure 5.3.

"'he ductilitv ra'itl for the orace m-wy thus be written

* j" (5.9)

vruv:. i,: aplter 2, is limitted

,o HII/ fur reu,;able -trucLures and to 11/25 for non-reusable

tructures.. ,,bs! ,tkli n of the:.e limiting deflections In the
aLovu equd, i.':i giJ .'

50f Fdv (5.10)

For reusable sLIu-'tures, and

it %,co.• ,) E

25L Fdv (5.11)

8 b = 8coor

C max. = b/A

fb=L/cos Y'

max. C os l /L

Figure 5.3 Strairn in tension brace

due to sldesway.
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for non-reusable structures. Traking as an example F dy 39.6
ksl which corresponds to the specified minimum yield stress of
A36 steel with a ten percent increase for dynamic effects, and
E = 29,000 ksi, the bracing ductility ratio for a non-reusable
structure at the maximum permissible deflection is given by,

= 29.2 H! (cos 2 ,) [5.11(a)]

It can easily be verified that the term H (cos 2y) will
L

not exceed about U.5 for structures with reasonable proportions.
Therefore, the bracing ductility ratio will not exceed 14.6
for a non-reusable structure at the maximum permissible deflec-
tion. The ductility ratio corresponding to fracture of mild
steel in a standard tension test is on the order of 100 to 200.
Hence, the bracing ductility ratio at the maximum permissible
sidesway deflection is sufficiently low to preclude the
possibility of fracture even after several applications of
the blast loading.

Equations 5.10 and 5.11 indicate that' the bracing
ductility ratio is inversely proportional to the dynamic yield
stress for the material, i.e., the higher the yield stress,
the lower the ductility ratio for a given sidesway deflection.
However, high strength steel members are generally not recom-
mended for use as diagonal braces since these steels are not
as ductile as mild steel. Similarly, wire rope and structural
strand with limited ductility are also not recommended for
this application.

5.3.3 Collapse Mechanisms for Frames with Supplementary
Bracing

The possible collapse mechanisms of single-story frames
with diagonal tension bracing are given in Tables 5.4 and 5.5
for pinned-base frames with rigid and non-rigid girder to
column connections. In each case, the ultimate capacity is
expressed in terms of the equivalent static load and the mem-
ber ultimate strength (either MP or AbFd ). In these tables,
the cross-sectional area of the tension -race is denoted by
Ab, the parameter m is the number of braced bays and Fd is the
dynamic yield stress for the bracing member. In developing
these expressions, the same assumptions were made as in Section
5.2.1, i.e., M_ for the roof girder is constant for all bays,
the bay width, L, is constant and the column moment capacity
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FAULL 5.4 COLLAPSE MECIIANISMSS FOR RIGID FRAMES WITH
SUPPLEMENTARY BRACING AND PINNED BASES.

Collapse Mechanism Plastic Moment Mp

WL2
"16

BEAM MECrIANISM

otw H2

4 (2C +;)
BEAI; MECHANISM

/~~ H - bd-cs') 2+(n-I)C.
PANEL MECHANISM (C. 2 2)w

S< 'awH 2
_ mAkFdy HcosY

S4n 2!'
PANEL MECHANISM r.. " 2)'

!(-H'f2)- mAF 4jMCosy4ýon 
24n

COMUINSO MErCHANISM

5 3ot~~~cwH t -MA~d~~

COMINED MECHANISM 2 2 .C ,S2)*

51) 3 at wa-M' Ab FeHcos Y

CO SINCEO MECHANISM C e (n -V-) (C ,.)

6 w j[3sN(n-;)L]- )AbFdcosY

SCOMSINIED MECHANISMm C , , (2n-

w

Mp

t4 CM5 , ngM w Number )ff
oAh~d M boys -- ,2, 3..

/,,' b~dy ---1~ bF~ w zUniform

bbd T/d
SL L_ equivalent

-L static load

For Ct a2 h;pgos form In the girders and columns at interior JoInts
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TABUL ~ CiLLAPSL rILHAINISrU1S FOR FRA[ILS WITH SUPPILL4NTARY
BRACIGIir, N0U4-RIGL D GI RDER TO COLUMNh C0ONNECT IOI1S
XL) PINNED BASES.

C01l6024 a chseolm Ultimate Capacity Framle.
Type

Msp a L!/@

W~AN MIECHASU

AbF., usw'/2omcosY 0*

AbU~y

GIRDER FRAMINI TYPE.

QGIRDER SIMLY SUIPORTED SETWMEI COLUMNS

BO) RDER CONTIMUOUS OVER COLUMNS
WRDIN CONTINOUG On*R COLUMNS ANDO AIKlY 011111IMTES TO ENXTIWf COLiMN Oo.y

w

aw 161"" ' 71 V zNabem of
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,-.,.t ff lent, ., it; r•reatte than .0.

For non-t I tid girder to c.olumn 'onnect lons, the resi•-
L.a:wh. I *McL tonn "ct loc(ul mechan Isms of the roof girder depe.id
tpon •IheLiker Lhe yrder :I continuous over the rolumns or in
!iai.d it. twee•l the ro tunnns. Wheti the girder is rontinijous,
the. inrtt rLor bay girder mechanisms are the same as that for a
Sdi:.,d ZI'.i,. ile the resistance of the exterior girder is the
`va:4 .1!: th1.L of 3 f!;.ed-pinned beam. In certain cases, it. may
be economical to provide a rigid connection JL the exterior
-haunces and non-rigid connections at Interior column lines.

-,S fur the ¢C.-',, ot a r-gid fram#c, the expressions in
;adies ,.4 ;and 5.,' were comp•uted by equating the work done by
tht. e:;ternael load.I L. the internal work absorbed during plastic
dthIormatiou. For -. i braced frame, the Internal work consists
cf the energy absorbed by each plastic hinge as it rotates plus
L1C energy absorbed by the tension diagonals as they yield in
tension. For a braced frame with non-rigid connections, only
th. yiliding of the tenrica diagonals contributes to the
internal work during plazcic deformation of a panel (sidesway)
me•ihanisrn.

As an example, for the pane.1 mechanism of Table 5.4 with
t. 2 (0.e. case 3b) the. external work is given by

W E wll2 t
2

where .' is the rotation of the columns in the panel mechanism.
The internal work performed by the plastic hinges as they
rotate through the angle "' is

M 2nM p

where n Is the number of bays.

"The Internal work performed by the tension bracing Is given by
the simple expression,

WI bm AbFdyIb

whtere m Is the number of braced bays, Fdy Is the dynamic yield
utress for the bracing and 'h is the plastic axial elongation.
For small deflections

- Il~cosY

96



By equating the external and internal work

Mp = twH- m AbFdyHCOsy
4n 2n

For a panel mechanism, with non-rigid girder to column connec-
tions (case 4 of Table 5.5), the following resistance function
is obtain by equating the work done by the external loads to
the energy absorbed by yielding of the tension bracing:

AbFdy =awH
2mcosy

For rigid frames with tension bracing, it is nece sary to
vary C, C and A in order to achieve an economical desiti.
When non-rigid girder to column connections are used, C and C1
drop out of the resistance function for the sidesway mechanism
and the Prea of the bracing can be calculated directly.

5.3.4 Dynamic Load Factors

Fcz purposes of a trial design, the dynamic load factors
o. Table 5.2 -ay also be used for braced frames. In general,
the sidesway tiffness of braced frames will be greater than
for unb:aced frames and the corresponding panel or sidesway
uynamic load factor may also be greater. However, while Table
5.2 is necessarily anp:oximate and serves only as a rational
starting poin. fcz a preliminary design, refinements to this
Table for frames with rupplementary diagonal braces are not
warranted.

5.3.5 Stiffness and Deflection

The provisions of Section 5.2.5, Stiffness and Deflection,
may be used foi. braced frames with the following modifications:

(1) The sidesway n-.tural perfcd of a fr-!me with supple-
mentary diagonal bricing Is given by

TN 2w

in which K b Is the h1orizontal stiffness of the tension braring
given by

L

and where K, KL and m are the equivAent frame stiffness, frave
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I o.! a dctoz Lo .anAtI ,II:t iv %Ic nasl respect iv(. lv as det ined it,

S utt

(2) The elastic deflection ot a braced frame is given
by

xL-RJ/(K+ (5.14)

Note Lhat. t~i frame stiffness, K, is zero for bract.d frames
with non-rigid zonnectLens.

5.3.6 .reliminary_ izing of Frame Members

For braced fiaraes, Figure 5.1- may be used to ,tetermin.
values of girder axial lo;.vis and column snears for preliminary
design. Note from this figure that the shear in the blastward
column and the axial load in the exterior girder are the same
as for the rigid frame as shown in Figure 5.1. For interior
bays the corresponding quantities are reduced by the horizoltal
component uf the force in tWe brace given by

!I* . bay L; not braced then this quant it v shouldi be set equal
to ý.ero for the next bay. lo avoid an error, horizontal
equilibrium should be checked using the formula

I - Vl + nV, + (S.dsinh

where R is tlý huorizuntal load given by

V1 is the base shear in the blastward column given by

-atd V,. &: Lho shear in evah of thElie remr nin coltu-, giivet by

tW wthicn ti is .th kuW.hr Uo bay's ixnJ MN J a5n, it,, ths. ý4un of
the horio al oofnt. El the force. hr tht- braces.

In a;plvlng FI!,-re 5.4 to braced tra•-.- ith non-rigid
O~rdtir to . in 'tlwthe q4;tuttLv M sb,101 b- zet.
equal to zCro. For sui.h c.-a se%.. l', rnttrv hor•iontal zhear is
tifou by thle bracitiv au, the exterior co1i. bwr frut•-. uith
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P1 P2 P3

V. 7v2 V3

R NgiwN

Via R/2 +Mp/H
PI=R/2 -Mp/H

P22P -V2-FH
FH -AbFdy cos Y

V2 =R/2n-Mp/nH
P3 :P2-V2-FH
Pn : Pn-i - V2-FH

Figure 5.4 Culumn shears and girder
axial loads for braced frames.

rigid connections, Mt is simply the design plastic wnent
obtained from the cogtrolling panel or combin•d mechanism.

For computing axial loads in the columns the vert teal
comow1ents of the forces in the tension braces should be added
to the vertical shear in the roof girders. Thie verticul coupo-
neut of the force in a brace is given by

Fv -Ab~dsint(5.20)

11w reaction* from the braces will al*c .dfect the load
on tOe fowmdation of the frawi an" oust be included in the de-
sip o! the footing.

]Te provisions of Section S.2.4 on rmbineid bending Md
axial load for rigid fraas. apply to braced frames vith the
exception tOat the reactions from the tension braces =st be
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taken into account in computing axial loads and shears.

Finally, when the estimated design forces and moments

acting on the frame members have been obtained, preliminary
member sizes can be determined based upon the nmaterial in
Chapters 2 through 4.

5.3.7 Slenderness Requirements for Dagonal Braces

The slenderness ratio of the bracing should be less than
300 to prevent vibration and "slapping". This design condition
can be expressed as

rb Lb! 30 0  (5.21)

in which rb is the minimum radius of gyration of the bracing
member and Lb is its length between points of support. Even
though a compression brace is not considered effective in pro-
viding resistance, the tension and compression braces should
be connected together Ohere they cross. In this manner, Lb
for each brace may be taken equal to half of the total length.

3.3.6 Preliminary Design Procedures for Frames with
Supplenentary Bracing.

The preliminary design procedure for frames with supple-
meitiary diagoaal braces is similar to the procedure described
in Section 5.2 for rigid frames and as illustrated by the
example problem in Section 7.6. For braced frames with rigid
connections, however, 01te procedure is slightly nxre involved
since It is necessary to assume :a value for the brace irea in
addition to the assumptions for the coefficients C and (:1" For
frames with non-rigid connections, C and C1 do not appear in
the resistance formula for a sidesway met.hhanism and A can be
dLeurmiued directly.

In selecting a trial value of t, for frames with rigid
connections, the minimum brace s ize Aill be controlled by the
sleaderness requirumrent of Section 5.3.7.

In addition, iL- each particula&r application, there will
be a limiting value o'¢ A,, beyond which there will he no sub-
itantial weight :invirigs n the framt rembers sinte minimum
:.lUes for the frame members are required based upon the twixi-
wim slenderness ratio requirezants in Section t4.2. In general,
vailes of A. of about one to two squar" inches will result in
a s.tabsLaatlal increase in .he overall renAistanre for rnme's
wiLa rilid connections. Oence, an as.az.ted brace area in this
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range is reconnendod aii a starting point The dttermination of
t: and C1 then follows the same procedure as outlined for rigid
frames.
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CLAPTZR 6

CONNCTIONS

6.1 Introduction

The c.onnections in a steel structure designed in accor-
dance vith plastic design concests must fulfill their function
up to the ultimate load capacity of the structure. In order to
allow the members to reach their full plastic moments, the con-
nections must be capable of transferring amments, shears and axial
loads with sufficient strength, proper stiffness and adequate ro-
tat ion capacity.

Connections must be designed with consideration of eco-
nomical fabrication and ease of erection. Connecting devices may
be rivets, bolts, welds, screws or various combinations thereof.

6.2 Types of Connections

The various connection types generally encountered In
steel structures can be classified in the following groups:

A. Primary member connections

1. Corner fraom connections

2. Beau to column connections

3. Beam to girder connections

4. Splices

5. Column base connections

B. Secondoary er connections

I. Purlin to fram connections

2. Girt to frame connections

3. Bracing connections

C. Attachment of Panels

1. Roof or floor panel connections

2. Vall siding connections.

SPreceding page bank



Connectios in Group A refer to those used in design and
construction of the framing of primary members. They generally
involve the attachment of hot-rolled sections to one another,
either to create specific support conditions or to achieve con-
tinuity of a member or the structure. In that respect, connec-
tions used in framing may be classified into three groups
(corresponding to Type 1, 2 and 3 connections in the AISC Speci-
fication) as follows:

(i) Rigid

(it) Flexible (Non-rigid)

(iii) Semi-rigid

depending upon their degree of restraint which is the ratio of the
actual end moment that may be developed to the end moment in a
fully fixed-ended beam. Approximately, the degree of restraint
is generally considered as over 90 percent for rigid connections,
between 20 to 90 percent for semi-rigid connections and below 20
percent for flexible connections.

It should be mentioned that the strength and rotation
characteristics of semi-rigid connections are dependent upon the
properties of the intermediate connecting elements (angles, plates,
tees) and thus, are subject to mach variation. Since semi-rigid
structural analyses are seldom undertaken due to their great com-
plexity, no further details on seni-rigid connections will be
given here.

Connections listed in Group B are used to fasten secondary
members such as purlins, girts or bracing members to the primary
asubers of a frame, either directly or by masms of auxiliary sec-
tions such as sanIes and tees.

Basic requirements for connections of Groups A and B as
well as general guidelines for proper design are presented in
Sections 6.3 and 6.4. In addition, dynamic design stresses to be
used in the select ton and sizing of fastening devices are given
In Section 6.5.

Group C refers to connections used to attach elements of
the skin or outer shell of an installation so well as floor and
wall panels to the supportialg skeleton. Connections of this type
are distinguished by the fact that they fsaten relatively thin
sheet material to one another or to meavier rolled sections. Roof
decks and wall siding have to withstand during their lifetime
(apart from accidental blast loads) eoosaure to weather, uplift



forces, buffeting and vibration due to winds, etc. For this rea-
son, and because of their widespread use, special care should be
taken in design to insure their adequate behavior. Some basic
requirements for panel connections are presented in Section 6.6.

6.3 Requirements for Main Framing Connections

The design requirements for frame connections may be illus-
trated by considering the behavior of a typical corner connection
as shown in Figure 6.1. Two members are joined together without
stiffening of the corner web. Assuming that the web thickness is
insufficient, the behavior of the connection is represented by
Curve 1 which shows that yielding due to shear force starts at a
relatively low load. Even though the connection rotates past the
required hinge rotation, the plastic moment Mp is not reached.
Tn addition. the elastic deformations are also larger than those
assumed by the theoretical design curve.

A second and different connection may behave as indicated
by Curve 2. Although the elastic stiffness is satisfactory and
the maximum capacity exceeds M * the connection fails before
reaching the required hinge rotation and thus, is unsatisfactory.

These considerations indicate that connections must be
designed for strength, stiffness and rotation capacitv. They must
transmit the required moment, shear and axial load, and develop
the plastic moment HP of the members.

-Normally. an examination of a connection to see if it meets
the requirements of stiffness will not be necessary. Compared to
the total length of the member, the length of the connection is
small; and, if the connection is slightly more flexible than the
member which it joins, the general effect on the structural be-
havior -s not great. Approximatelv, the average unit rotation of
the connectitg cone should not exceed that of an equivalent length
of th" members being joined.

of equal importanct with the strength of the connection is
an adequate reserve of ductility after the plastic moment has been
attained. Rotation capacity at plastic hinge locations Us es.en-
tial to the developaent of the full ultimate load c.apacity of the
structure.

Sone typical framing connectiona used in blast-resistant
sttuctures are shown in Appendix C.
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6.4 Design of Connections

It is not the intent of this chapter to present procedures
and equations for the design of the various types of connectiouns
likely to be encountered in the blast-resiatant design of a steel
structure. Instead, the considerations neceseaqy for a proper
design will be outlined. The reader is referred to the many
standard texts on plastic design for the procedures and equations.

After completion of the dynamic analysis of the structure,
Whether by hand calculations or computer analysis, the members are
sized for the given loadings. The moments, shears and axial loads
at the connections are known. Full recognition must be given to
the consideration of rebound or stress reversal in designing the
connections. Additionally, in continuous structures, the maximum
values of P. H and V my not occur simultaneously and thus. sev-
eral combinations may have to be considered.

All connecting elements subject to compression should meet
the width-thickness ratio requirements as specified In Section
3.3.4.

With rigid connections much as a continuous column-girder
intersection, the web area within the boundaries of the connection
should meet the shear stress requiremento of Section 3.3.3. If
the web area Is unsatisfactory, diagonal stiffeners or web doubler
plates should be provided.

Stiffeners will normally be required to prevent web crip-
plinR and preserve flange continuity vherever flange to flange
connections occur at columan In a continuous frame. Web crippling
most also be checked at points of load application such as beaa-

girder intersections. In these cases, the requiremuae of Sectloo
3.3.5 of this report and Sections 1.10.5 and 1.10.10 of the AISC
Specificat ion mast be considered.

Since bolted Joints viii develop yield stresses ooly after
slippage of the members hAo occurred. the use of frliction-type

bolted coonectioas is not recomeaded.

6.5 Vwnemic Desigf Stresses for Connection,

In accordance vith Section 2.8 of the AISC Specification,
bolts, rivets and welds shall be proportioned to resist the saxima
forcer usinil stresse;s equal to 1.7 ties Mhose given is at" I of
the Specificetion. Additionally, these stresses are lnreased by
the dyadic Increase factor specified in Section 2.2.2; hence,
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Figure 6.1 Cormer connection behavior.
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I

F ld 7c - (7. )

where 1d - the maximum dynamic design streas

c - the dynamic increase factor
(Table 2.1)

FS - the allowable .itatic design stress

Rather rhan crompilinp new tables for maximum dvnamIc leads
for the varlouH tvpea of connections, the designer vill find it
advantapepos tn divide the forces beinR considered hv the factor
1.7c and then to refer to the allovable load tables In Part 1 of
the AISC Specification.

6.6 Rýequirements or F'loor and W~all Panel Connections

Panel connections, in g.eneral, can be divided into two
major groups:

a. Panel to panel connections, and

h. Panel to supportinst-frame connecttons.

The first type Involvesi the attachment of relatively lIght-RaRe
materials to each other such that they act together as an integral
unit. The second type to ienerally used to attach sheet panels to
heavier crosa-sect ions.

Mhe scat cowman type of fastener for decking and steel
wall panels is the n.elf-tappinR screw vith or vittwut vaxher.
Even for conventjonaj desigo and repular vind loadinz, the scrov
fastenpro have often been the source of local failure by rearintz
the sheretint materta'. tt to evident that under hiast lo-dtIng *nd-
particularly an rebtn•nl. screv rounectors will he even toire vut-
nerable to this tvpe of failure. Special care ehould be tAken in
devion to reduce the probablilty of failure by umlnR overalzed
vaaher*e anlor Increased material thtickaeo at the conuection
itself.

Noe to the oiagnitud.' of for~er involved. apecial t--tneica f
connezr,. as shown It Fi. 6.2 and Appendix C, 4111 usually be
necessary, *.It.

a. Self-pferctnq. seif-taprOaq *crew& of larger dfaemeters
with oversiz:ed washor

b. Puddle velds or washer piiukg velds.



0s washer

"Support
member.

SELF-TAPPING SCREW RAMSET TYPE FASTENER

Circular Oblong Washer

Section A-A Section B-8
PUDDLE WELDS WASHER PLUG WELD

Oversize Stud
LgtGage Washer Spacing

LPonol Block

Attachment Det il

Support Beom

THREADED NELSON TYPE STUDS

Figure 6.2 Typical connections for cold-formed
steel panels



c. Threaded connectors fired Into the elents to be
attached.

d. Threaded studs, velded to the supporting members,
which fasten the panel by means of a special
arrangement of bushing and nut.

Apart frcm fulfilling their function of cladding and load-
resisting surfaces, by carrying loads perpendicular to their
surface, floor, roof and wall, steel panels can, when adequately
connected, develop substantial resistaace to in-plane forces,
acting as diaphragms contributing a great deal to the overall
stiffness and stability of the structure. As a result, decking
connections are in many cases subjected to a combination of shear-
Ing forces and pull-out forces. It is to be remebered also that
after the panel has deflected under blast loading, the catenary
action sustained by the flat sheet of the decking represents an
important reserve capacity against total collapse. To allow for
sich catenary action to take place, connectors and especially end
connectors should be made strong enough to withstand the maebrane
forceu that develop.

Finally, the design of these special connections for deck-
ing should take into account acceptable construction tolerances,
ease of fabrication, simplicity of erection, reliability and cost.
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CHAPTER 7

DESIGN EXAMPLES

This chapter presents detailed design procedures and

numerical examples on the following topics:

1. Flexural elements subjected to pressure-time loading

2. Lateral bracing requirements

3. Cold-formed steel panels

4. Columns and beam-columns

5. Open-web Joists

6. Single-story rigid frames

7. Blast doors

8. Unsymmetrical bending

References are made to the appropriate sections in Chap-
ters I through 6 of this report and to charts, tables and equations
from other design manuals and specifications.

7.1 Design of Beams for Pressure-Time Loading

Problem 1: Design a purlin or girt as a flexural member which
responds to a pressure-time loading.

Procedure:

Step 1. Establish the design parameters:

a. Pressure-time load

b. Design criteria (uax and 8max for a

reusable or non-reusable structure)

(Section 2.3.3)

c. Span length, L, beam spacing, b, and
support conditions

d. Properties and type of stcel 'tsed, i.e.,
Fy and E

LI



Step_2. Determine the equivalent static load v using
the following preliminary dynamic load factors
as discussed in Section 3.3.2.

(0.8 for a non-reusable structure
DLF - (

(1.0 for a reusable structure

w f DLF x p x b

Step 3. Using the appropriate resistance formula from
Table 3.1 and the equivalent static load de-
rived in Step 2, detecmine M."

Ste 4. Select a member size using Equation 3.2 or 3.3.
Check the local buckling criteria of Section
3.3.4 for the member chosen.

St ep5. Determine the mass m including the weight of
the decking over a distance center-to-center
of purlins or girts, and the weight of the
members.

Step 6. Calculate the equivalent mass Me using Table
6-1 of TM 5-1300.

Stej 7. Determine the equivalent elastic stiffness
KE from Table 3.1.

Step 8. Calculate the natural period of vibration, TN,
using Equation 3.10.

Ste 9. Determine the total resistance, Ru, and peak
pressure load, B. Enter Figure 6-7 of Th 5-1300
with the ratios T/TN and B/Ru in order to
establish the ductility ratio u. Coqare with
criteria in Step 1.

StS_.10. Calculate the equivalent elastic deflection XE
as given by the equation

XF - RU/E

and establish the mximum deflection X.
given by

212
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Compute the corresponding member end rotation.

Compare 6 vith the criteria in Section 2.3.3.

tan e - x,/(L/2)

Step 11. Check for shear using Equation 3.11 and Table 3.3.

Step 12. If a different member size is required, repeat
Steps 2 through 11 by selecting a nev dynamic
load factor.

Example 1: Design of a beam for pressure-time loading.

Required: Design a reusable simply-supported beam in a low to
intermediate pressure range.

Step 1. Given:

a. Pressure-time loading (Figure 731)

b. Criteria: Reusable structure, maximum
ductility ratio - 3, maximum end
rotation a ID, vhichever governs

c. Structural configuration (Figure 7.1)

d. Fy - 36 ksi, E a 30 x 103 ksi, A36 steel

VDL = 48 psf (excluding beom weight)
S5psi

(0

tom

40 me
4pacing b '4.5' TIME

Figure 7.1 Beam cenfiguration and loadingi.
Example 1.
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t~ej.2_. Determine the equivalent static load (i.i.1,
required resistance).

DLF 1.0 for a reusable structure
(Section 3.3.2)

w - 1.0 x 5 x 4.5 x 144/1000 - 3.24 k/ft

"•ktL '3. D etermine required NM.

MI- wL2 . 324 x 172 - 117 k-ft
8 8 (Table 3.1)

-tep•4. Select a member.

(S+ Z)- 2M -2 x 117 x 12- 71.0in 3

FdV 39.6 (Equation 3.2)

where rdy a cFy - 1.1 x 36 - 39.6 ksi
(Table 2.1)

Select WI2 x 27. S - 34.2 in 3  I - 204 In4

Z - 3S.0 hi 3

S + Z - 72.2 in 3

- (72.2 x 39.6)I(/ x 12) - 119 k-ft

"iheck local buckling criteria.

d/tw U 50.5 < 412/,"Fy - 68.7 O.K.
(Equation 3.12)

bfllf - 8.12 < 0.5 O.K.
(Section 3.3.4)

-=l ,-' [((.5 x .$) + 271(17 • 10Q}

32.2 x 1000

"$ ,600 (k-ýms2)lft

Stja%.b C-lculate the effective m•sa, HO, for a reiponse
In the eliato-plastic ranpe.
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KLM (0.79 + 0.66)/2 - 1.45/2 - 0.725
(Table 6-3. TM 5-1300)

Me - 0.725 x 25,600 = 18,560 k-ma2ift

Step 7. Determine KE.

KE - 384 E1 - 384 x 30 x 103 x 204
5L 3  5 x 173 x 144

-664 k/ft (Table 3.1)

Step 8. Calculate TN.

TN- ziiiV',2,- R218,560/664

= 34 ma (Equation 3.10)

Step 9. Establish the ductility ratio u and compare
with the criteria.

T/TN - 40/34 - 1.18

B - p x Lx b - 5 x 17 x 4.5 x 144

1000

- 49 kipe

Ru - 81/L - (8 x 119)119 a 50 kips

B/Ru - 49/50- 0.98

Fro* Figure 6-7 of IN 5-1300,

u X/XlE -2.OS < 3 O.K.

Step 10. Detetmiae XE.

XE w Ru/KE (50 x 12)/664 0.90 inch

FindX0.

UXE - 2.05 x 0.90 , 1.845 inches

Find end rotation, 8.

tan 6 - r/(U2) - 1.845/(8.5 x 12) - 0.o1,

0 1" O.K. (Section 2.3.3)
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T * . .

KLM - (0.79 + 0.66)/2 , 1.45/2 - 0.725
(Table 6-1, TM 5-13C0)

Me - 0.725 x 25,600 - 18,560 k-ms 2 /ft

Step 7. Determine KE.

KE - 384 El - 384 x 30 x 103 x 204

503 5 x 173 x 144

= 664 k/ft (Table 3.1)

Step 8. Calculate TN.

TN - 2wArIZ- - 2./z8,560/664

Sa- 34 ms (Equation 3.10)

Step 9. Establish the ductility ratio u and compare
with the criteria.

T/TN a 40/34 - 1.18

B - p x L x b - 5 x 17 x 4.5 x 144
1000

- 49 kips

Ru a 8M/IL - (8 x 119)/19 - 50 kips

B1/R - 49/50 - 0.98

From Fipure 6-7 of TH 5-1300,

A-M/XE - 2.05 < 3  O.K.

Step 10. Determlne XE.

XE " RUNEK (50 x 12)/664 - 0.90 inch

Find YX.

Ya o uw - 2.05 x 0.90 - 1.845 inches

Find end rotation, 8.

tan 8 - X!(L/2) - 1.845/(8.5 x 12) - 0.0181

1 0 1o O.K. (section 2.3.3)
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Step 11. Check for shear.

Dynamic yield stress in shear

Fdv " 0.55Fdy a 0.55 x 39.6 - 21.8 kal

(Equation 2.3)

Ultimate shear capacity

Vp = Fdv x A- 21.8 x 0.24 x 12

- 62.7 kips (Equation 3.11)

Maximum support shear

V8 a ru x L/2 =R•I2 50/2 - 25.0 kips

Vp > Vs O.K.

7.2 Spacing of Lateral Bracing

Problem 2: Investigate the adequacy of the lateral bracing
specified for a flexural member.

The design procedure for determining the maximum permls-
sible spacing of lateral bracing is essentially a trial and error
procedure if the unbraced length ts determined by the considera-
tion of lateral torsional buckling only. However, In practical
design, the unbraced length is usually fixed by the spacing of
purlins and Rirts and then must be investigated for lateral tor-
siontal buckling.

Procedure:

St~ep_. Establish design paramters.

a. Bending moment distaram obtained from a
deaiKn analysis

b. Unbraced length, I, and radius of tyration
of the member, r., about Ito weak axis

c. Dynamic yield strength, Fdy

(Section 2.2.3)

Stp 2. From the moment diapram, find the end moment
ratio, WP. for each segment of the beam
between points of bracing.
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(Note that the end moment ratio is positive
when the segment is bent in reverse curvature
and negative when bent in single curvature).

Step 3. Compute the maximum permissible unbraced length,
t cr, using Equation 3.14 or 3.15, as applicable.
Since the spacing of purlins and girts is usually
uniform, the particular unbraced length that mist
be investigated in a design will be the one with
the largest moment ratio. The spacini of bracing'
in non-yielded segments of a member should be
checked against the requirements of Section
1.5.1.4.6a of the AISC Specification (see Section
3.3.6).

Step 4. The actual length of the segment being inves-
tigated should be less than or equal to Icr,

Example 2: Spacing of Lateral Bracing

Required: Investigate the unbraced lengths shown for the W10 x 21
beam ill Figure 7.2.

Step 1. Given:

a. Bending moment diatram shown in Figure 7.2

b. Unbraced length (each segment) - 44 inches
ry - 1.32 Inches

c. Dynamic yield strength - 39.6 kai

44 44' 44 .

SC. OBRACINGLOCAT•I
.,A C -- E:

Figure 7.2 Benadin9g ment diagram, Example 2.
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Step 2. The moment ratio is -0.5 for segments BC and CO
(single curvature) and 0.5 for segment. AB and
DE (double curvature).

Step 3. Determine Icr.

1cr " 1375.0 x 1.32 - 46.0 Inches
39.6 (Equation 3.15)

By inspection, Equation 3.15 results fn a lar&,er
unbraced length than Equation 3.14.

s.tep 4. Since the actual unbraced length Is less than 46
Inches, the spacing of the bracing is adequate.

7.1 Design of Cold-FormedLight-Gage Steel Panels Subjected
to Pressure-Time loading

Problem 3: Design a roof deck as a flexural member which responds
to pressure-time transverse loading.

Procedure:

StepŽ. Establish the design parameters:

a. Pressure-time loading

b. Design criteria (P... and 0max for either a
reusable or non-reusable cold-fortmed panel)

(Section 2.3.3)

e. Span length anJ support conditions

d. 4echanical properties of steel

Step 2. Determine an equivalent uniformly distributed
static load for l-t v#dth of panel., using the
followInS preliminary dyuaae¢ load factors.

Reusable lNoa-Reua~b lv

ULF 1.65 lAO0

These load factors are based on an averate value
of T/TN - 10.0 and the deeiRn ductilItv ratio%
recomended In Equation 3.27. They are derived
using Figure 6-7 of TH 5-130.
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Equivalent static load w - DLF x 1.1 x p x h
where the 1.1 increase factor is outlined in
Section 3.7.2 and b a I ft.

Step 3. Using the equivalent static load derived in
Step 2, determine the ultimate moment capacity
(positive and negative depending on support
conditions). (Section 3.7.2)

Step 4. Determine required section moduli using
Equation 3.22 or 3.23.

Select a panel.

Step 5. Determine actual section properties of the panel:
S+, S-, I, a - v/g (for 1-ft vidth of a panel).

St 6. Compute ru, the maximum unit resistance per 1-ft
vidth of panel using Equation 3.24 or 3.25.

Step 7. Determine the equivalent elastic stiffness,
KE w ruL/XE usint Equation 3.26.

Step 8. Comipute the natural period of vibration

TN- 2V1O-.7tkLIK (Equation 3.29)

Ste_ 9. Calculate Btru and TIT Enter Figure 6-7 of
TH4 5-1300 with the ratios RIru and TITN to
establish the actual ductility ratio U.

Comalre u vith the criteria of Section 1.3.3.
If u it larger than the cr~teria value, repeat
Step* 4 to 9.

Step 10. Compute the equivaleat elastic deflection Xr

using k r~utKE

tvaluate the maximia deflection, ) Uh.

Determine stinim panel end rotatioo,

tan 0

Comprae 6 vith the criteria of Section 2.3.3.
If 9 io latrer than specified in the criteria,
select another panel and repeal Steps 5 to 10.
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Step 11. Check resistance in rebound using chart in
Figure 3.9.

Step 12. Check panel for maximum resistance in shear by

applying the criteria relative to:

a. simple shear. Table 3.4(a)

b. combined bending and shear, Table 3.4(b)

c. web crippling, Figures 3.10(a) and 3.10(b).

If the panel Is inadequate in shear, select a
new member and repeat Steps 4 to 12.

Example 3: Design of a roof deck for pressure-time loading.

Required: D)esign a reusable continuous cold-forued steel panel
in a low to intermediate pressure range.

St en.1. Given:

a. Pressure-time loadtnx (Fliure 7.3)

b. Criteria:

maxt•um ductility ratio, vm Mx 1.25

maximum rotation, m sax"-

c. Structural configuration (Fiture 7.1)

4. Steel A46 Grade a, F - 30 x 106 p.t
F - 1),000 psi

.St��. Determine the equivalent static load.

Di.F - 1.0€ (reusable)

.- 1. x rLF x p % b

l.1 x 1.65 x 4.30 X 12 g 12 a 1124 lb/ft

-eqatva.nt static load tor 1-ft width
of panel.



tAJ

(n

S43 psiw

a-m

2'-_0" TIME

4'- 6 4 4-6' 4 - 6

Figure 7,3 Roof decking configuration and loading,
Example 3.
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Step 3. Determine required ultimate moment capacities.

!!p - w 1124 x (4.5)2 - 1,866 lb-ft
12.2 12.2 (Equation 3.25)

Mudn vL2 _ - 1124 x (4.5)2 = 2,254 lb-ft

10.1 160.1 (Equation 3.25)

Step.4. Determine required section moduli.

Fdy - 1.10 x 33,000 - 36,300 psi
(Equation 3.21)

S+ - 1866 x 12 - .617 in 3

36,300 (Equation 3.22)

S- - 2254 x 12 - .746 in 3

36,300 (Equation 3.23)

Select a 1-1/2 inch deep panel 16-16.
(hat section 16 gage, flat sheet 16 gage)

.S-tep5 Determine actual section properties.

+ .654 in 3

- .745 in 3

I - .763 in 4

w - 5.8 psf

Step 6. Compute maximum unit resistance ru.

Mup -36,300 x .654 - 1,978 lb-ft
12 (Equation 3.22)

Mun -36 300 x .745 - 2,254 lb-ft
12 (Equation 3.23)

r+t 1978 x 12.2 - 1,192 Ib/ft
-1 (4.5)2 (Eqaiation 3.25)

r- * 2254 x 10.1 - 1,124 lb/ft

(4.5)2 (Equation 3.25)

Maximum resistance ru - 1,124 lb/ft, governed
by capacity at support.
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Step_7. Determine equivalent static stiffness.

KEU= ruL= EIeg x ru x L

XE 0.0062 x ru x L4  (Equation 3.26)

= El ,Ieq - 0.751

0.0062 x 0

= 30 x 106 x .75 x .763 * 211,000 lb/ft
0.0062 x (4.5)3 x 144

Step_8. Compute the natural period of vibration for
the 1-ft width of panel.

mL =5.8 x 10 6 x 4.5 - 0.81 x 10 6 Ib-ms 2

32.2 ft

TN 2/(0.74 x 0.81 x 106)/211,000 1 10.6 ms

S . Calculate B/ru, T/TN.

B 1.1 x p x b

= 1.1 x 4.30 x 12 x 12 - 681 lb/ft

B/ru 681/1124 - 0.606

T/TN = 40/10.6 - 3.78

Entering Figure 6-7 in TM 5-1300 with

these values,

- 1.20 < 1.25 O.K.

Step 10. Check maximum deflection and rotation.

XE = r uL/KE

* w-XE - 1.20 x 1,124 - .0287 ft
46,879

tan e - Xm/(L/ 2 ) - .0287/2.25 - 0.01275

e 0.730 < 0.90 O.K.
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Ste_11. Check resistance in rebound.

From chart, Figure 3.9, required r/ru 0.50

Available maximum elastic resistance
in rebound

(r/ru actual ) .654/.745

- .875 > 0.50 O.K.

Step 12. Check resistance in shear.

a. Interior support (combined shear and bending)

Determine dynamic shear capacity of a 1-ft
width of panel:

h - (1.500 - 2t) inches, t - .060

- 1.5000 - 0.120 - 1.380 inches

h/t - 1.380/0.060 - 23 z 20

Fdv = 9.0 ksi (Table 3.4b)

Total web area for 1-ft width of panel

(8 x h x t)/2 - 4 x 1.380 x .060

- 0.3312 in 2

Vu = 0.3312 x 9,000 - 2,980 lb

Determine tnaximum dynamic shear force:

The maximum shear at an interior support of
a continuo:s panel using limit design is:

V max = 0.55 x ru x L

- 0.55 x 1.124 x 4.5

- 2,782 lb < 2,980 lb O.K.
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b. End support (simple shear)

Determine dynamic shear capacity of a 1-ft
width of panel:

For h/t < 63, Vdv u 0.50FdY - 0. 5 x 36 .3

- 18.15 ksi
(Table 3.4a)

Vu 0.3312 x 18,150 - 6,011 lb

Determine maximum dynamic shear force:

The maximum shear at an end support of a
continuous panel using limit design is

Vmax - 0.45 x r. x L - 0.45 x 1,124 x 4.5

u 2,276 lb < 6,011 lb O.K.

c. Web crippling

End support (N - 2.-1/2 inches)

Qu M 1,400 x 4 - 5,600 lbs > 2,276 O.K.

(Figure 3.lOa)

Interior support (N - 5 inches)

Qu - (3,500 x 4)/2 - 7,000 lbs > 2,782 O.K.
(Figure 3.10b)

7.4 Design of Columns and Beam',Goiumns

Problem 4: Design a column or beam-caluum for axial load
combined with bending about the strong axis.

Procedure:

Step I. Establish design parameters.

a. Bending moment M, axial load P and shear V
are obtained from either a preliminarv de-
sign analysis or a computer analysis.

b. Span length I and unbraced lengths 1. and IY,
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c. Properties of structural steel:

Minimum yield strength Fy

Dynamic increase factor c
(Table 2.1)

Dynamic yield strength Fdy
(Section 2.2.3)

Se ,c 2. Select a preliminary member size with a section

modulus S such that

S > M/F

and bf/2tf complies with the structural

steel being used. (Section 3.3.4)

Step 3. Calculate P. (Section 3.3.4) and the ratio P/Py.
Using either Equation 3.12 or 3.13, determine

the maximum allowable d/tW ratio and compare it
to that of the section chosen. If the allowable
d/tw ratio is less than that of the trial sec-

tion, choose a new trial section.

Ste~p4. Check the shear capacity of the web. Determine
the web area Av (Section 3.3.3) and the allow-

able dynamic shear stress Fdv (Section 2.2.3).
Calculate the web shear capacity Vp (Equation

3.11) and compare to the design shear V. If
inadequate, choose a new trial section and return
to Step 3.

_Stepi. Determine the radii of gyration, rx and ry, and

plastic section modulus, Z, of the trial section
from the AISC Handbook.

Stey_6. Calculate the following quantities using the
various design parameters:

a. Equivltent plastic resisting moment

U - FdyZ

b. Effective slenderness ratios Ktx/rx and
Klt/ry. For the effective length factor K,

see Section 1.8 of the Commentary on the
AISC Specification and Section 4.3.
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c. Allowable axial stress Fa corresponding to

the larger value of KI/r.

d. Allowable moment M. from Equation 4.6 or 4.7.

e. Fe and "Euler" buckling load Pe (Section 4.2).

f. Plastic axial load Pp (Section 4.2) and

ultimate axial load Pu (Equation 4.2).

g. Coefficient CU (Section 1.6.1 AISC

Specification).

Step 7. Using the quantities obtained in Step 6 and the
applied moment M and axial load P, check the
interaction formulas (Equations 4.4 and 4.5).
Both formulas must be satisfied for the trial
section to be adequate.

Example 4(a): Design of a roof girder as a beam-column.

Required: Design a fixed-ended roof Pirder in a framed structure
for combined bending and axial load.

Step 1. Given:

a. Preliminary computer analysis gives the
following values for design:

Mx - 115 ft-kips

P - 53.5 kips

V - 15.1 kips

b. Span length 1 I7'-0"

Unbraced lengths lx - 17'-0" and I - 17'-0"

c. A36 structural steel

Fy - 36 kel

c a 1.10 (Table 2.1)

Fdy - cFy - 1.10(36) - 39.6 ksi
(Section 2.2.3)
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Step 2.

S - x/Fdy - 115(12)/39.6 = 34.8 id3

Try W12x36 (S - 46 in 3 )

A - 10.6 in 2  d/tv a -.. ,1

bf/ 2tf - 6.08 < 8.5 O.K. (Secticn 3.3.4)

Step 3.

P - AFy - 10.6(36) - 382 kips
, (Section 3.3.4)

P/Py =. 53.5/382 - 0.140 < 0.27

d/tv - (412/fVF)(1 - 1.4(P/Pv)E
(Equation 3.12)

- (412//3-6)[1 - 1.4(0.140)]

- 55.2 > 40.1 O.K.

Vp - Fdvk (Equation 3.11)

F - 0.55F., - 0.55(31.6) - 21.8 kai

(Section 2.2.3)

A,- - (O - 2tf) - 0.305[12.24 - 2(0.540))

- 3.40 in2 (Section 3.3.3)

Vpa 21.8(3.40) - 74.1 kips > 15.1 kips O.K.

rx 5.15 in.

r- 1.55 in.

Z - 51.6 In3 (AISC Manual)



Step 6.

px a FdyX x (Section 4.2)

- 39.6 x 51.6 x 1/12 - 170.3 ft-ktps

K- 0.75 (Section 1.8, Comentary
on AISC Specification)

Ktx/rx a [0.75(17)12]/5.15 - 30

KZy/ry a [0.75(17)121/1.55 - 99

Fa in13.10 ksi for K y/ry - 99 and Fy - 36 ksi

(Appendix A,
AISC Specification)

1.10(13.10) - 14.41 kat for Fdy - 39.6 ksi

*[1.07 - (1/r~•~dM~

3,160 (Equation 4.7)

- [1.07 - (204/1.55)-§9-.6]170.3

3,160

- 137.6 < 170.3 ft-ktps

F' - 121 2F - 122(t29 '000) - 165.7 ka1
23(Kib/r,)2 23(30)2 (Section 4.2)

PCX " 23AFex - 23(10.6)165.7 a 3,360 kips

12 12 (Section 4.2)

Pp - FdvA = 39.6(10.6) - 420 kips
(Section 4.2)

Pu" a '.AFa 1.7(10.6)14.41 - 260 kips
(Equation 4.2)

CM - 0.85 (Section 1.6.1.
AISC Specification)

129



P + C-mxMx + LM :I
Pu 1 -/Pex) "mx (1 -/Pey)my

(Equation 4.4)

- 53.5 + 0.85(115)
260 (1 - 53.5/3360)137.6

- 0.206 + 0.722 - 0.928 < 1 O.K.

P + Mx + 1
Pp l.184px 1.18Mpy (Equation 4.5)

- 53.5 + 115 = 0.127 + 0.572
420 1.18(161)

- 0.699 < 1 O.K.

Trial section meets the requirements of Chapter 4.

Example 4(b): Design of column.

,Required: Design an exterior fixed-pinned column In a framed

structure for blaxial bending plus axial load.

Ste 1. Given:

a. Preliminary deesin analysis of a particular
column gives the folloving values at a
critical section:

Mx - "ill ft-kipe

Ky- 34 ft-kips

P - 76 kips

V - 54 kips

b. Span lenth I - 17'-3Y

thnbraced leiths X- 17'-3" and 1 -42-0.

(laterally aupported by wall girt*$
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r. A3h structural steel

Fv a 36 kal

c " 1.10 (Table 2.1)

Fdy m cFy - 1.10(36)

- 39.6 ksi (Section .

Step2

S - x/Fd - 311(12)/39.6 - 94.2 In 3

Try W14 x 78 (S a 121 in3 )

A - 22.9 tn 2  d/t.. - 32.9

bfi2tf - 8.36 < 8.5 O.K. (Section 3.3.4)

Sq _3.

Pv = AFV - 22.9(36) - 824 kips
(Sect.ion 3.3.4)

P/Pv 0 76/824 - 0.0922 ' 0.27

dltw - (4121/Af)[l - 1.4(P/Pr))
(Equation 1.12)

- (4121/3-6)([- 1,4(0.0922)]

S S9.9 3, 32.9 O.K,

VP- FdvAV (Equation 3.11)

Fdv O.ft05F - 0-.$(19.6)

- 1.8 ksl (Section 2.2.3)

f-t v(d - f .0.28 .6 - 2(0-718)]

- 5.4a0 112 (Section 3.3.))

vp 21.80(.40) - 117.7 ktps 54 kips O.K.
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rx 6.09 Inches

ry 0 3.00 Inches

x - 134 In3

7y- 52.4 In3  
(AISC Nanual)

s teL_6.

Mp - FdyZ (Section 4.2)

mpx " 39.6 x 134 x 1/12 - 442 ft-kips

HpV - 39.6 x 52.4 x 1/12 - 173 ft-kips

Use K a 1.5 (Section 4.3)

KIx - 1.5(17.25)12 - 51
rx 6.09

K1~v - 1.5(4.0-0112 -24
rv 3.00

Fa - 18.26 kst for KZx/rx -51 and Fy -36 kel

1.10(18.26) - 20.09 kst for Fdv - 39.6 kal

4 a 442 ft-ktps

"m "py - 173 ft-klps (Equation 4.6)

e ........ 12%2(24. 0 - 57.3 ksi
23(K~rx )2 23(51)2 (Section 4.2)

eF - - --% ý9km

W'b/,r) 2  23(24) (Section 4.2)
4-1)51. "AF _- 2,510 kips

- 12 (Section 4.2)

-y 2123 ( 11,9370 kip.
~i7 ~ 12 (Section 4.2)
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Pp- m YA 39.6(22.9) - 907 kips

Pu 0 1.7AFa - 1.7(22.9)20.09 - 783 ktp.

Cx C 0.85 (Section 1.6.1,
AISC Specification)

S relJ_.

P + CPu (I -P/Ped)•Mx (1 P/Pey l.Mmy

(Equation 4.4)

76 + 0.85(311) + 0.t5J34) -
783 (-1 - 76/2510)44"2 (1 - 76/11,370)173

0.097 + 0.617 + 0.168 - 0.882 < I O.K.

p/Pp + kt/(l.l8.* ) + MY/(1.l8pY) 1

(Equation 4.5)

761907 + 311/[1.18(442)] + 341•.18(173)] -

0.084 + 0.596 + 0.166 0.846 < I O.K.

Trial scotion meeta the requlrements of Chapter 4.

7.5 Desig of OpenSWeb qteel Joists

Problem 5: Aftalysle or design of an opec,-.eb joist subjected to a
pressure-t ime loadtnR.

Procedure:

StSE 1. Utablish destar parameters.

a. Pressure-tlme curve

b. Clear span 1cttah and joist spacint

c. "ltoua yield stress FY for chord and web

Dywmac Increase factor, (Table )2.1)

d. Bealgn ductility ratio u .aa. saximui~ e-M
rmtatlon for a reusable or n'n-reuqable
structure (Section 2.3.3)
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.,Ste. .- Select a preliminary joist size an follows:

a. Aaau e dynamic load factor
(Section 3.3.2)

b. Compute equivalent stetic load on Joist due
to blast overpressure

wI - DLF x p x b

(Dead load of joist and decking not Included)

c. Fquivalent service live load or, joist

w, - vl/1 .87 (Section 3.h)

d. From "Standard load Tables" adopted by the
Steel Joist Institute and AISC, select ;k

1otst for the given span and the structtaral
steel being used, ilth a safe service load
(dead load of joist and decking excluded)
equal to or proater than w2 .

Check vhether ultimiate capacity of joist Is
controllted by flexure or by shear.

Step�3. Find the resistance of the joist by multiplving
the safe service load by 1.87.

Step 4. C3alculate Me stffneas of i,,e joist, Kg, usinz
Table 3.1.

etteroine the equiv. ent e-aýýac deflection XE
: gsive'n b'•.

the jol•t 4•1 ts• tribhut-ary area of •eckint.,aa

Ohr cor•r, ondinit load-6a3 factor liven in
Table th-l Q f IN 5-1)00.

calcualate kbe natural period of vibration. TN.

. F'n.lo• priicedure outlined In Ca or tb dependint
On vh !th!r the joist Capacity in controlled by
f I e.ure or by shear.
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t~eL 68., Joist design controlled by flexure.

a. Find ductility ratio u - Xm/XF
from Figure 6-7 of TM 5-1300, using the
values of T/TN and B/ru.

b. Check if the ductility ratio and naximum end
rotation meet the criteria requirements
outlined in Section 2.3.3.

If the above requirements are noL Natisfied.
select another dynamic load factor and
repeat Steps 2 to 5.

c. Check if the top chord meets tite requirettents
for a beam-column (Section 4.2).

Step 6b. Joist design controlled by shear.

a. Find ductility ratio u - XMIXF from
F,Aure 6-7 of TN 5-1300, using the values
of T/TN and B/rU.

b. If • ' 1.0. design is O.K.

If L 1.C, aosu= a higher dynamic load
factor and repeat Steps 2 to S. Continue
until v 1.0. Check end rotation. 4,
against deslgn criteria.

c. Since the capacitL is controlled by vaxtaur.
end reaction. it vill generally not 1v nec-
essarv to check the top chord as a heam-
colun1 . However, when such a %:heck is
varranted, the procedure to Step 6*.c car.
be (ollowed.

Ste' •. •Chek the bottom. chord for rebound.

a. U-tere.nc the required resiuta•ce, r, for
elastic behavior In rrbound.

b. Wo",te the bendinr w•m-tt. M.I and fint 0

axial focces to top WO hittam chordsm usio#c

whee d '.,s ta~k•e as tuo Asi•tance bewteez thr
centrois oi the top And botten rhord secti-or-



c. Determine the ultimate axial load capacity
of the bottom chord consid-ring the actual
slenderness ratio of Its elements.

Pu M I. 7 AFa

where Fa is defined in Section 4.2.

The value of Fa can be obtained by using
either FEquation 4.3 or the tables in the
AISC Specification which give allowable
stresses for compression members. When
using these tables, the yield stress should
be taken equal to Fdy.

d. Check if Pu > P.

Determine bracing requirements.

Example fda): Design of an open-web steel joist

Requuired: P)eslvn a reusable simply-supported open-web steel
Joist whose capacity is controlled by flexure.

Solut ion:

Step 1. Given:

a. Pressure-time loading [Figure 7.4(a)!

b. Clear span = 50'-0"
Spacing of joists - 7'-0"
Weight of decking - 4 psf

c. Structural steel properties

Chords Fv M 50,000 psi
Web Fy - 36,000 psi

Dynamic increase factor

C - 1.10 (Table 2.1)

Dynamic yield stress, Fdy = cFy

Chords Fdy - 55,000 psi
Web Fdy - 39,600 psi

136



d. Design criteria (Section 2.3.3)

Maximum ductility ratio: Umax 2.0

Maximum end rotation: emax 10

Step 2. Selection of joist size

a. Assume a dynamic load factor. For a pre-

liminary design of a reusable element, a
DLF - 1.0 is generally recommended. However,
since the span is quite long in this case,
a DLF of 0.70 is selected.

TISI

IN

Figure 7.4(a) Joist cross-section and loading,
Example 5(a).
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b. Equivalent static load on joist:

wI - 0.70 x 1.45 x 144 x 7.0

- 1,023 lb/ft

c. Service live load on joist:

w2 - w/1.87

= 1.023/1.87 = 547 lb/ft

d. Using the "Standard Specification and Load
Tables" of the Steel Joist Institute, for a
span of 50'-0", try 32LHII. Joist tables
show that capacity is controlled by flexure.

Total load-carrying capacity (including dead
load - 602 lb/ft)

Approximate weight of joist and decking

- 28 + (4 x 7) = 56 lb/ft

Total load-carrying capacity (excluding dead
load - 602 - 56 - 546 lb/ft)

The following section propertie, refer to the
selected joist 32LHII [Fig 7.4(a)]:

Top Chord:

Two 3 x 3 x 5/16 angles

A - 3.56 in 2

rx a 0.92 in.
ry a 1.54 in.
I' - 3.02 in 4

Bottom Chord:

Two 3 x 2-1/2 x 1/4 angles

A - 2.62 in 2

rx a 0.945 in.
ry - 1.28 in,

Ix a 2.35 in 4

I fx for joist - 1,383.0 in 4

Panel length - 51 inches
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Step 3. Resistance per unit length

r,,- 1.87 x 546 - 1,021 lb/ft

Step 4. KE - 384 EI/5L3 - 384 x 29 x 10 6 x 1 383

5(12 x 50)3

(Table 3.1)

14,260 lb/in

XE ' ruL/KE - 1,021 x 50 3.58 inches
14,260

Step 5. Total mass of joist plus decking

M = 56 x 50 x 106 7.25 x 106 lb-ms 2 /in

386

Total effective mass Me- K9 HM

KL= 0.5(0.79 + 0.66) = 0.725 (Table 6.1,
TM 5-1300)

Me - 0.725(7.25 x 106)

= 5.25 x 106 ib-Ms 2 /in

Natural period TN = 2w/'-Me/KE

a 2wr5,250,000/14,260

"a 120.3 ms

Behavior controlled by flexure. Use Step 6a.

Step 6a.

a. T/TN - 40/120.3 - 0.332

B/ru - 1.45 x 144 x 7 - 1.43
1,021

From Figure 6-7 of TM 5-1300,

SXm/XE - 1.42 < 2.0 O.K.
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b. Xm = 1.42 x 3.58 - 5.08 inches

tan 0 Xm/(L/ 2 ) - 5.08/(25 x 12)

-0.017 < 0.018

0 1I O.K.

c. Check top chord as a beam column.

Maximum moment at mid-span

M- ruL2 /8 1,021 x (50)2 x 12

8 x 1,000

3,826 in-kips

Maximum axial load in chords

P - M/d

d - distance between centroids of top and
bottom chords (see Figure 7.4(b)].

- 30.22 inches

P - 3,826/30.22 = 126.6 kips

-= panel length - 51 inches

Slenderness ratio, Z/rx - 51/0.92

- 55.4 < Cc

where C -/2f2E/Fdy - 102 (Equation 4.1)

Fa - 25.34 ksi (Table 1-55,
AISC Specification)

Pu - 1. 7 AFa (Equation 4.2)

- 1.7 x 3.56 x 25.34 - 153.3 kips

Considering the first panel as a fixed,
simply-supported beam, the maximum moment

in the panel is:

140

i~ 'l , ..



M- ruL2/12 - 1,021(51)2

12 x 12 x 1000

18.45 in-kips

The effective slenderness ratio of the top
chord in the first panel:

Ktb/rx - (1.0 x 51)/0.92 - 55.4

F' - l2r 2E - 12yr2 x 29,0O0
ex 2 3 (Klb/r.)2 23(55.4)2

- 48.7 ksi

Pex - (23/12)AFe = 23/12 x 3.56 x 48.7

- 333 kips

(1 - P/Pex) - (1.0 - 126.6/333) - 0.62

To determine Mm, the plastic moment Mp is
needed and the value of Zx has to be computed.

The neutral axis for a fully plastic section
is located at a distance T from the flange.

3x - (3 - 5/16)5/16 + 3(5/16 - x)

- (43)5/(16 x 16) + 15/16 - 3X

x - 455/(6 x 256) - 0.296 inch

The plastic section modulus, Zx, is found
to be:

zx 2[(0.296)2 x 3
2

+(3.0 - O.3125)(0,3125_- 0 292

2

+ (3 - 0.296)2 x 0.3125]
2

0.263 + 0.007 + 2.285 - 2.555 in 3
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M FdvZx 55 x 2.555 = 140.5 in-kips
(Section 4.2)

S" [1.07 - (_/ry)Ifi MPX <

3,160 (Equation 4.7)

where ry is least radius of gyration - 0.92

- [1.07 - (55.4/427)]140.5

- (1.07 - 0.13)140.5 - 132.0 in-kips

Cm - 0.85 (Section 1.6.1, AISC)

P/Pu + C.M/[(l - P/Pex)M.X] < - 1.0
(Equation 4.4)

126.6 + 0.85(18.45) < 1.0

153.3 0.62(132.0)

- 0.825 + 0.192 - 1.017 t 1.0 O.K.

step 7. Check bottom chord for rebound.

a. Calculate required resistance in rebound.

T/TN - 0.332

From Figure 3.8, 100% rebound

rlru a 1.0

r a ru a 1,021 lb/ft.

b. Mioment and axial forces irn rebound

M - (r x L2 )/8 - 3,826 in-kips

Maximum axial force in bottom chord

P - M/d - 126.6 kips (compression)

c. Ultimate axial load capacity

Stability in vertical direction

(about x-axis)
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I

1 51 inches rx 0.945

1/r - $1/0.945 54.0 < Lc

where CV - 102

Fa - 25.61 kst (Table 1-55,
AISC Specificat ion)

Pu U 1.7AFa - 1.7 x 2.62 x 25.6I

- 114.0 kips

d. Check bracing requirements.

(P - 114.0) < (Pu - 126.6) N.G.

Adding a vertical member (L 2x2x3/16)
between panel joints of bottom chord

New slenderness ratio - (51.0)/0.945
2

- 27.0

In this case, F. M 30.09 ksi

Pu a 1.7 x 2.62 x 30.09

- 134.0 kips > 126.6 kips O.K.

(This additional bracing is needed in
mid-span but may be spared at the
joist ends.)

Stability in the lateral direction
(about y-axis)

Pu a 126.6 kips

ry a 1.28 inches, A - 2.62 in 2

Fa - Pu/(1.7A) - 126.6/(1.7 x 2.62)

- 28.4 k•s

For a Riven Fa - 28.4, the correspondinR

slenderness ratio:
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1/r 38 (Table 1-55,
AISC Specification)

Therefore, maximum unbraced length in
mid-span:

Zb - 38 x 1.28 - 48.6 inches

Use lateral bracing at panel points,
i.e., 51 inches at miod-span. The un-
braced length may be increased at joist
ends, but not greater than specified
for bridging requirements in the joist
specification,

Example 5(b): Analysis of existing open-web steel joist.

Required: Analyze a simply-supported, reusable open-web steel
joist whose capacity is controlled by shear.

•U

IC 1.0.

22 H It

TIME

Figure 7.4(b) Joist cross-section and loading,
Example 5(b).
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Solut |onI:

•te._l. (wven:

a. Pressure-time load ing rFtgur,, 7.4(0)-0

Joist 22HI1

b. Clear span - 32-0"

Spacing of Joists - h'-0"

Weip.ht of decking = 4 psf

c. Properties of structural steel:

Chords Fv - 50,000 psi

Web Fy - 36,000 psi

Dynamic increase factor, c - 1.10
(Table 2.1)

Dvnamic yield strength. Fdy - cFy

Chords Fdy - 55,000 pat

Web Fdy - 39,600 psi

d. Design criteria (Section 2.1.3)

Ureax 1.0

a. Asaume the VLF - 1.0

b. Overpressure load on Joist

wI - 1.0 A 1.0 x 144 % 6 864 lb/ft

c. Equivaleat service load

V2 v0 - /l.87 - $64/1.8? 462 lb/ft



d. From the "Standard Specifications and Load
Tables" of the Steel Joist Institute:

Total load-carryinR capacity (including
dead load) - 506 lb/ft

Approximate weight of Joist plus decking

17 + (6 x 4) - 41 lb/ft

Total load-carrying capacity (excludinp,
dead load) -

- 4! - 46r) - 462 O.K.

From the steel 1oist catalog, the follow-
ing are the section propertles of Joist

221111 (Figure 7.4(b ):

Panel length - 24 Inches

Top Ctord:

A - 1.915 In 2

IX a 0.455 in 4

r. a 0.485 in.

ry- 1.701 in.

Bottom Chord:

A- 1.575 in 2

I%- 0.388 tn0

rr , 0.497 in.
Ty- 1.469 in.

IX for Joist - 396.0 tnP

Sje,). Resletance per unit length

ru 1.87 x 465 870 lb/ft

step_4. V'- 2!4 1- 384 2 9 x 106 X 196

50 5 Z12S x x32)

1-.58 W)6it (Tabie 3.1)
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-r L/•. 870 32 - 1.79 inchesXE *- 15,580

tepM5. Mass of joist plus decking

.4 41 x 32 x 106 - 3.4 x 106 lb-w2/ in
386

Effevtive mass H - KLHMI (Table 6-1,
TH %-1100)

- 0.78 x 3.4 x 106 - 2.65 x 106 lb-m,-4fin

.atural period T% - 2iiP'e/Kr

- .z/i •o~oooii,4i-b - 8,.I 8

he.aviur controlled by shear. Use Step; lb
of the procedure.

.. TIT. 25/81.8 - 0.305

r -6 x 14 4  1.0 - 0.993 1.t0

8 70

F~rom Fla. 6-7 of T4 5-1300,

b. • - xMIXE 4 1.0; elastic. O.K.

can 0 1.79/0k/2)

- 1.791(06.0 x 121) - 0.0093

0- 0. C 10 o.K.

c. Chc~k of top chord as a bean-culti~ to
not necccuar'.

~~Ž2> Check bot tom chord In r.ouiid.

a. For u - I M T/T- 0.105,

rebowrd - 100t (Fihure ).9)

r r



b. Determine axial load in bottom chord,

P - Mid.

For an elastic response, v < 1.0, where

TITN - 0.305, the DLF - 0.87
(Figure 3.3)

Fquivalent static load, w

w - DLF x b x p

- 0.87 x 12 x 12 x 6 x 1.0 m 751 ibI/t

Maxiaum moment in rebound, M - vL2 /e

M - 751 x (32)2/8 x 12 - 1,155.j)0j ii-ll

P - M/d - 1,155.000/21.28

- 54,300 lb - 54.3 kips

c. Check bractua requirements.

(1) Vertical bracing of bottom chord:

Panel length - 24 Inches

rx - 0.497, r. 1.469, A - 1.515 In-

It/r a 2410.497 -4,.

AlWaable P - 1.7 x 1.575 x 26.67

- 71.4 k0ps ý 54.) kips

iTable 1-55,

AISC SwI Icatioon)

So extra bracing required.

) �Lateral bracian of bottom chord:

P- $4.) kips. A - 1.575 in2

P/ I ,A- 54. 31(1 T 5

• z.8



for Fdy -55 kal and Fa -20.3 kal

S/r - 79

I - 79 x 1.469 - 116 inches
(Table 1-55,

AISC Specification)

Therefore, use lateral bracinR at
every 4th panel point close to aid-
span. The unbraced length may be
increased at joist ends, but not
greater than specified for bridging
requirements in the joist specification.

7.6 Desgn of Single-Story Rigid Frames for Pressure-Time
Loading

Problae 6: DelRn a single-story, silti-bay rIgid fr•am subjected

to a pressure-timae loadlng.

Procedure:

Step 1. Establish the ratio a between the design values
of the horlzontal and vertical blest lodms.

Step2 Using the recommended dyamic load factors
presented in Table 5.2, Section 5.2.1, establish
the mqgaitu4e of the equivalent static load w
for:

(W) local meachaunsa of the roof and bla•tard
colam, and

(b) panel or combined mchiasla for the firameas a felt.

Ste). Ueing the general expressions for the ponitble
collapse nctbhmel Irat 'able S.i and the loads
from Stop 2, a•sue valnma of the ant tap*-
ciev ratios C and C1 and proceed to estabitebh
tbA required 4&tetig rtasttc m00at isCoasider-
tft %11 possible mc•c lasm . In order to oaflaI
a reassnably scoaslcal deesign It is dwoirablel
to select C and C, -0 that the least reoistazce
%or the rejqtdre Value of 1% Correspood-i to a
coSbined mechanism. This All OrKally require
severtl trials wth assueh val-ues of C and C1 .

††††††††††††††††††††††i -~



Step 4. Calculate the axial loads and shears in all
members using the approximate method of Section
5.2.4.

Step 5. Design each member as a beam-column using the
ultimate strength design criteria of Chapter 4.
A tumerical example is presented in Section 7.4.

Step . Using the moments Af inertia from Step 5, cal-
culate the sidesway natural period using Table
5.3 and Equations 5.1 am! 5.2. Enter Figure 6-7
of TH 5-1300 wit'L the ratios of T/TN and ii/Ru
and establish t'-ie ductility ratio v. In this
case, B/Ru is the reciprocal of the panel or
sidesway mechanism dynamic load factor used in
the trial design. Miltiply the ductility ratio
by the elastic deflection given by Equation 5.4
and establish the peak deflection X. from Equa-
tion 5.5. Compare the 7./H with the criteria of
Chapter 2.

Step 7. Repeat the procedure of Step 6 for the local
mechanisms of the roof and blastward column.
The stiffness and natural period us7 be obtained
from Tables 3.1 and 3.3, respectively. The re-
sistance of the roof girder and the blastward
column may be obtained from Table 5.1 using the
values of MP and CM, determined in Step 3. Com-
pare the ductility tatio and rotation with the
criteria of Chapter 2.

Step 8. a. If the deflection criteria for both side-
sway and beau mechanisms are satisfied,
then the mmber sizes from Step 5 constitute
the results of this preliminary design.
These members would then be used in a more
rigorous dynamic frame analysis such as the
nonlinear dynamic computer program DYNFA.

b. If the deflection criterion for a sidesway
mechanism is exceeded, then the resistance
of all or most of the ummbers should be
increased.

c. If ths. deflection criterion for a beam mech-
anim of the front wall or roof girder is
exceeded, then the resistance of the member
in question should be Increased. The mmber



sizev to be used in a final analysis should
be the greater of those determined from
Stops 8b and 8c.

Example 6: Design of a rigid frame for pressure-time loading.

Required: Design a four-bay, single-story, reusable, pinned-
base rigid frame subjected to a pressure-time loading
in its plane.

Given:

a. Pressure-tine loading (Figure 7.5)

b. Design criteria for a reusable structure.
For a frame, 6/1 - 1/50. The limits on
a.m& for a frame member are sumarized in

Section 2.3.3.

c. Structural configuration (Figure 7.5)

d. A36 steel

e. Roof purlins spanning perpendicular to
frame

f. Frame spacing, b - 17 ft

g. Uniform dead load of deck, excluding frame

Step_1. Determine a: (Section 5.2.1)

bh - bv - 17 ft

qh - 5.8 x 17 x 12 - 1,183 lbs/in

qv - 2.5 x 17 x 12 - 510 lbs/in

a- qh/qv M 2.32

Step 2. Establish equivalent static loads.
(Table 5.2)

a. Local beam mechanism, w - DLF x qv

v - 1.0 x 510 x 12 - 6.12 k/ft.

1,000

1 SI



4 e 16-6 66'-0"

Root Dead Lood 13.5 psf

Wall Dead Load 16.5 psf

MEMBER REFERENCE
NUMBER

w 5.8
a:psi w:

( V 2.5
c psia. CL

78ms 78ms
TIME TIME

BLASTWARD EXTERIOR ROOF (Average)
WALL

Figure 7.5 Preliminary design of four-bay, single-story
rigid frame, Example 6.
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b. Panel or combined mechanism, v w DLF x 1,

w - 0.5 x 510 x 12 - 3.06 k/ft
1,000

Step 3. The required plastic moment capacities for the
frame members are determined from Table 2.1
based upon rational assumptions for the moment
capacity ratios C1 and C. In geaieral, the rec-
omended starting values are C1 equal to 2 and
C greater than 2.

From Table 5.1, for n - 4, a - 2.32,

H - 15.167 ft, L - 16.5 ft

and pinned bases, values of C1 and C were
substituted and after a few trials, the follow-
ing solution is obtained:

Mp - 104 kip-ft, C1 - 2.0 and C - 3.-.

The various collapse mechanisms and the asso-
ciated values of M are listed below:

Collapse w
Mechanism (k/ft) (kt__

1 6.12 104

2 6.12 102

3a, 3b 3.06 102

4 3.06 103

5a, 5b 3.06 88

6 3.06 93

The plastic design moments for the frame
members are established as follows:

Girder, Mp - 104 k-ft

Interior colum, CIM.p 208 k-ft

Exterior column, CM, = 364 k-ft
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Step 4. a. Axial loads and shears due to horizontal
blast pressure,

w - 3.06 k/ft

From Figure 5.1, R awH

- 2.32 x 3.06 x 15.167

- 108 kips

(1) Member 1, axial load

P1 - R/2 - 54 kips

(2) Member 2, shear force

V2 - R/2(4) - 108/8 = 13.5 kips

(3) Member 3, shear force

V3 - R/2 - 54 kips

b. Axial loads and shears due to vertical
blast pressure,

w - 6.12 k/ft

(1) Member 1, shear force

V, - w x L/2 - 6.12 x 16.5/2

- 50.4 kips

(2) Member 2, axial load

P2 - w x L - 6.12 x 16.5

- 101.0 kips

(3) Member 3, axial load

P 3 - w x L/2 - 50.4 kips

Note: The dead loads are small compared to
the blast loads and are neglected in

this step.
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Step 5. The members are designed using the criteria
of Chapter 4 with the following results:

P V Ix

Member (k 15 USE (in)

1 104 54.0 50.4 W12x36 281

2 208 101.0 13.6 W14x6l 641

3 364 50.4 54.0 W14x78 851

Step 6. Determine the frame stiffness and sway
deflection.

Ica (3 x 641) + (2 x 851) - 725 in 4

5
(Table 5.3)

I = 281 in 4

a 0

D = Ig/L - 281/16.5 = 0.475
06 75 1ca H (0.75)(725/15.167)

(Table 5.3)

Using linear interpolation to get C2

C2 - 4.49

K - EICaC2 [1 + (0.7 - 0.-1)(n-1)]

H3  (Table 5.3)

- (30)(103)(725)(4.49)[1 + 0.7(3)]
(15.167 x 12)3

- 50.2 k/in (Equation 5.2)

K* - 0.55(1 - 0.250) - 0.55

Calculate dead weight, W:

W - b[(4L•dr) + (2/3) (Hlwdv)]

+ (36 x 66) + 1/3(15.167)U(2 x 61) + (3 x 78)]

- 20,740 lbs
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e W/g = 20,740/32.2 - 644 lb-sec 2/ft

- 644 x 106 lb-um2 /ft

*2wla/KK7TN - welK

- 2w1(644 x 106)/(50.2 x 12 x 103 x 0.55)

(Equation 5.2)

= 277 ms

T/TN - 78/277 - 0.282

B/Ru - 2.0

- Xf/XE - 1.90 (Figure 6-7,
TM 5-1300)

XE w Ru/K - aliH/K (Equations 5.4
and 5.5)

w 2.32 x 3.06 x 15.167 - 2.14 inches
50.2

Xa - 6 w 1.90 x 2.14 - 4.06 inches

(Equation 5.6)

6/H - 4.06/(15.167)(12) - 0.0223 - 1/50

Stop_7. Check deflection of possible local mechanisms.

a. Roof girder mechanism (investigate
W12 x 36 from Step 5)

TN - 0.28L2V(v/g)/EI (Table 3.2)

w - (13.5 x 17) + 36 - 265 lb/ft

I- - 281 in 4

aIg a 30 x 106 x 281/144

- 58.4 x 106 lb-ft 2

L - 16.5 ft

TN - (0.28)(16.5)2 265(106)/(32.2)(58.4)(106)

- 28.6 as
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T/TN - 78/28.6 - 2.73

Ru - 16Mp/L - (16 x 104)/16.5- 101 kips
(Table 5.1)

B - pbL

- (2.5)(17)(144)(16.5)/1,000 - 101 kips

B/R- 101/101 - 1.0

- XmI/, - 3.50 > 3 N.G.
---=XE.03 (Figure 6-7,

TM 5-1300)

Check end rotation of girder.

K - 307EI/L 3 . (307)(30)(103)(281)
(16.5 x 12)3

- 332 k/in (Table 3.1)

XE - Ru/K - 101/332 - 0.304 inch

XU - 3.50 x 0.304 - 1.06 inches

Xu/(L/2) - 1.06/(8.25)(12) - 0.0107

- tan 6, O - 0.60 < 10 O.K.

b. Exterior column mechanism (investigate
W14 x 78 from Step 5).

TN - 0.42L2/(v/g)/EI (Table 3.2)

v - (16.5 x 17) + 78 - 358 lb/ft

El - (30)(106)(851/144) - 177 x 10 6 lb-ft 2

L - 15.167 ft

TN - (0.42)(15.167) 2/358(10 6 )/(32.2)(177)(106)

- 24.2 as
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T/TN - 78/24.2 * 3.22

So4Mp(2C + 1) - 4(104)[(2 x 3.5) + 1]

H 15.167

- 220 kips (Table 5.1)

B - (2.32)(6.12)(15.167) - 215 kips

B/Ru - 215/220 - 0.98

u- Xm/XE 3 . 6 0 > 3  N.G.
(Figure 6-7,
TM 3-1300)

Check end rotation of columns.

K - 160EI - (160)(30)(103)(851)

L0 (15.167 x 12)3

- 676 k/in (Table 3.1)

XE - RulK - 220/676 - 0.325 inch

XM - 3.60 x 0.325 - 1.17 inches

Xu/(L/2) - 1.17/(7.58)(12) - 0.0129 - tan 0

0 - 0.740 < 10 O.K.

a. The deflections of the local aechanismt
exceed the criteria. The sideavay de-
flection is acceptable.

b. Roof girder

P - 3.50 from Step 7; Increase trial size
from W12 x 36 to V12 x 40.

c. Front wall

v - 3.60 from Step 7; Increase trial size
from W14 x 78 to W14 x 84.
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S,--aty: The member sites to be used in a cowputer analysis are
as follows:

Member Size

1 W12 x 40
2 Wl4 x 61
3 W14 x 84

7.1 Design of Doors for Pressure-Time Loading.

Problem 7: Design a steel-plate blast door subjected to a
pressure-time loading.

Procedure:

Step 1. Establish the design parameters

a. Preasure-time load

b. Design criteria, w... and 80. for a
reusable or non-reusable structure
(Section 2.3.3)

c. Structural configuration of the door
including geometry and support conditions

d. Properties of steel used:

Miniums yield strength, Fy, for door
components

Droa•ic increase factor, c (Table 2.1)

Stea 2. Select the thickness of the plate.

Step 3. Calculate the elastic section modulus, S.
&nd the plastic section modulus, Z, of the
plate.

Step 4. Calculate the design plastic ament,
Kp. of the place (Equation 3.2).

Step 5i. Ckepute the ultimte dynaic shear, VP
(Equotiou 3.11).



Step 6. Calculate maxiuam support shear. V, using a
dynaatc load factor of 1.0 and Oetermine V/Vp.

If V/Vp it leas than 0.67, use the plastic
design moseat a. computed in Step 4 (Section
3.4.3).

If V/Vp is greater than 0.67, use .•luation 3.18
to calculate the effective HP.

SLe_ 7. Calculate the ultimate untit resistance of the
section (Table 5-5 of TH 5-1300), using the
equivalent plastic moment as obtained In
Step 4 and a dynamic load factor of 1.0.

Step B. Determine the moment of Inertia of the plate
section.

Step 9. Compute the equivalent elastic unit stiffness.
KF, of the plate section (Table 3.1).

Step 10. Calculate the equivalent elastic deflection,
XE, of the plate as eiv; 4 by Xy - ruIKF-

Step 11. Determine the load-sass factor KLM and compuite
the effective unit mass, me.

Step 1. Compute the natural period of vibration. T,%,
(Equation 3.10).

Step.13. Vetewmine the door response using the valuen of
R/ru and T/T,. with Figure 6-7 of Th 5-1300 or
Pilure 3.3 to determine the values of 6/XE and 8.

Compare with design criteria of Step 1. If
these requirements ore not satiefied, select
another thick*"a and repast Steps 2 to 13,.

Step _14. Desiln supporting flexural element considerina
compoeste actlon vith the plate.

Stie_.5. Calculate elastic and plastic wectloo %Mull
of the combined section.

Se16. Fo.lov the destin procedure for a flexursl
elemet as described in Section 7.1.



Iunple 7: Design of a Ilvi't door for pressure-time loading.

Required: Design a reusable double-leaf door (6'-O" x 8*-0") for

the given pressure-time loading.

S. Given:

a. Pressure-tint loading (Figure 7.6)

b. Design criteria: maximum ductility ratio,
Usix - 5. maximum end rotation, - 20S
whichever governs (Section 2.3.3)

c. Structural configuration (Figure 7.6)

NOTE: This type of door configuration it
suitable for low-pressure range
applications (5 to 15 psi).

d. Steel used: A36

Yield strenath, F. - 36 ksi (Section 2.2.1)

Dynamic increase factor. c - 1.1 (Table 2.1)

Hence. the dyuamic yield streugth.

Fdv - 1.1 x 36 - 39.6 kel (Equation 2.1)

and the dvnamic yield stress in *hear.

'dv O"SSFdV

- 0.55 x 39.6 - 11.78 kot (Equation 2.2)

Slep 2. Assume a plate thickness of 518 inch.

Step 3. Determine the elastic and plastic section
moduli (per unit width).

S a bd2 a (5/8)2

6 6

- 6.515 x 10-2 1n 3 11n

Z - aIX(5/8)
2

- 9.76% 10-' t o3 /1



6'- 0"

6'-4"

DOOR HEIGHT 8*-0"

w 4 8 psi

w Ps

TIME 13 ms

Figure 7.b Lkwor configuratioo and Wading, Examule 7.

S . Calcuilate the deelgo, plastic ament. m,

Hp ,,,,•yS t )* z (Mquulon 3.2)

- 39.6((6.515 x 10-z)

+ (9.765 x 10-2)1l2

- 39.6 x 8.14 a 10-2

*- 3.Z2. ia--k/Soa

SLt"S. Calculat* the dyv'tTwe ltimat*e * cepaciy,

VP, for a 1-luch U44th.

*" F1v8 ( uaitloo 3.11)

-21.78 a I a VS~ 11I.61 kisr/to



.t•ep6. Evaluate the support shear and check the plate
capacity. Assume DLF - 1.0.

V - DLP x B x L/2 - 1.0 x 4.8 x 36 x 1
2

- 266.4 lbs/In- 0.2664 kip/in

V/vp - 0.2664/13.61 - 0.01958 < 0.67
(Section 3.4.3)

No reduction in equivalent plastic moment io
necessary,

NOTE: Uhma' actual DL? Is determined,
racensider Step 6.

Spjt_ 7. Calculate the ultimate unit resistance, ru,
(assuming the plate to be simply-supported
at both ends).

-" SNIL2 (Table 3.1)

- 8 x 3.225 x 103 - 1S.9., psi

(36) 2

Step 3. Compute the ment of Inertia. 1. for a
1-It'eh width.

a -M 3  I x (51B)3 - U.02035 InQ
12 12

Ster.. (lculate the equivalent plastic wtiffncse., kk.

KE R. 184EIbL4 (Table 1.I)

* 184 i 9 x lob z .0203

SKIs(36)~

- 27.0 potlin

ý.tsOJ9. Determise the quivelent elastic deflrctioan. X.

$t -uE -19.9A2.0 - 0.)8 Inrch



Stepll_. Calculate the effective mass of eleme-It.

a. KLM (average elastic and plastic)

- (0.79 + 0.66)/2 - 0.725

b. Unit uses of elment, u

m - w/g - 5/8 x 1 x 1 x 490 x 106

1,728 x 32.2 x 12

- 458.0 psi-us2/in

c. Effective unit mass of element, me

(Section 6.6,
TM 5-1300)

me - KIe - 0.725 x 458.0

- 332 psi-is 2 /tn

Step 12. Calculate the wmtural period of vibration, TN.

TN - 2ir/332/27".U*- :2.05 ms

Step 13. Determine the door responwe.

Peak overpressure B - 14.8 psi

Peak resistance ru - 1.92 psi

Duration T - 13.0 ms

Natural period of vibration TN - 22.05 ms

B/ru a 14.8/19.92 - 0.743

T/TN - 13.0/22.05 - 0.59

From Figure 6-7, TM 5-1300,

XE/XE < 1, so it satisfies the ductility
ratio criterion

Since the response is elastic, determine the
DLF from Figure 3.3.

DLF - 1.3 for T/TN - 0.59
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Hence, X. - 1.3 x 14.8 x 0.738 - 0.713 inch

19.92

tan e - Xm/(L/2) - 0.713/(36/2) - 0.0396

0 - 2.270 > 20 N.G.

Since the rotation criteriou is not satisfied,
change the thickness of the plate and repeat
thz procedure. Repeating these calculations,
it cmi be shown that a 3/4-inch plate satisfies
the requirements.

Step 14. Design of the supporting flexural element.

Assume an angle L4 x 3 x 1/2 and attached to
the plate as shown in Figure 7.7.

Determine the effective width of plate which
acts in conjunction with the angle

bf/ 2 tf < 8.5 (Section 3.3.4)

where bf/2 is the half width of the outstanding
flange or overhang and tf is the thickness of
the plate.

With tf = 3/4 inch,

bf/2 < 8.5 x 3/4, i.e., 6.38 inches

Use an overhang of 6 inches.

Hence, the effective width - 6 + 2 - 8 inches.

The angle together with plate is shown in
Figure 7.7.

Step_15. Calculate the elastic and plastic section
moduli of the combined section.

Let y be the distance of c.g. of the combined
section from the outside edge of the plate as
shown in Figure 7.7, therefore

y - (8 x 3/4 x 3/8) + (4 + 3/4 - 1.33) x 3.25
(8 x 3/4) + 3.25

- 1.445 inches
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Figure 7.7 Jetail of composite angle/plate
supporting element, Example 7.

Let y be the distance to the N.A. of the
combihed section for full plasticity.

yp - 1 _ I[(8 x 3/4) + 3.25] - 0.578 inch
8x 2

I - 8 x(3/4) + 8 x 3/4 x (1.445 - 3/8)2
12

+ 5.05 + 3.25(4 + 3/4 - 1.33 - 1.445)2

w 24.881 in 4

Hence, SmnT 24.881/(4.75 - 1.445)

- 7.54 in 3

Z - 8(0.578)2/2 + 8(0.75 - 0.578)2/2

+ 3.25(4.75 - 0.937 - 0.578)

- 11.97 ini

Step 1 Calculate the design plastic mowent Mp of the
supporting flexural element.

MP - 39.6(7.54 + 11.97)/2 (Equation 3.2)

- 384.5 in-kips
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Calculate the ultimate dynamic shear

capacity, Vp.

Vp - FdvAw (Equation 3.11)

- 21.78(4.0 - 1/2)1/2

- 38.1 kips

Calculate support shear and check shear

capacity.

L - 8'-0" - 96 inches

V - (14.8 x 36/2 x 96)12 - 12,790 lbs

- 12.79 kips < Vp O.K.
(Section 3.3.3)

Calculate the ultimate unit resistance, ru.

Assuming the angle to be simply supported at
both ends:

S= 8 /L 2  (Table 3.1)ru M

M (8 x 384.5 x 1,000)/(96)2

- 333.5 lbs/in

Calculate the unit elastic stiffness, KE.

KE w 384EI/5L4  (Table 3.1)

- 384 x 29 x 106 x 24.881 - 652.5 lbs/in2

5 x (96)4

Determine the equivalent elastic deflection, XE.

XE w ru/KE - 369.5/652.5 - 0.566 inch

Calculate the effective mass of the element.

KLm - 0.725

w -11.1 + 3 x 18 x 490 - (0.925 + 3.825)
12 4 1,728

- 4.750 lbs/in
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Effective unit mass of element,

me a 0.725 x 4.75 x 106

32.2 x 12

- 0.891 x 104 lbs-vs 2 /in 2

Calculate the natural period of vibration, TN-

TN - 2v (89.1 x 10 )/793 - 21.1 mas

Determine the response parameters.
(Figure 6-7,

TM 5-1300)

Peak overpressure B - 14.8 x 36/2

- 266.5 lbs/in

Peak resistance ru w 333.5 lbs/in

Duration T - 13.0 as

Natural period of vibration, TN 21.1 ms

B/r. = 266.5/333.5 - 0.799

T/TN - 13/21.1 - 0.616

From Figure 6-7, TM 5-1300,

u = XM/XE - 1.1 < 3 O.K.

- 1.1 x 0.566 - 0.622 in

tan 8 - Xa/(L/2) - 0.622/48 - .013

6 - 0.750 < 10 O.K.

Check stresses at the connecting point.

o - My/I - 384.5 x 103 x (1.445 - 0.75)/24.881

- 10,740 psi

- VQ/Ib
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- 12.79 x i03 x 8 x 3/4 x (1.445 - 0.75/2)

24.881 x 1/2

- 5,321 psi

Effective stress at the section 2 + T 2

- 03 x 10742 + 5.3212

- i03/43.-75

- 11,980 psi< 36,000 psi O.K.

7.8 Design of Doubly-Symietric Beams Subjected to Inclined
Pressure-Time Loading

Problem 1: Design a purlin or girt as a flexural member which
is subjected to a transverse pressure-time load
acting in a plane other than a principal plane.

Procedure:

Step_1. Establish the design parameters.

a. Pressure-time load (TM 5-1300, Chapter 4)

b. Angle of inclination of the load with
respect to the vertical axis of the section

c. Design criteria, uax and 0max for a re-
usable or non-reusable structure (Section
2.3.3)

d. Mmber spacing, b

e. Type and properties of steel used:

Minimum yield strength for the section

(Section 2.2.1)

Dynamic increase factor, c (Table 2.1)

Step 2. Preliminary sizing of the beam.

a. Determine the equivalent static load, w,
using the following preliminary dynamic
load factors:
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DLF w 1.0 for reusable structure

w 0.8 for non-reusable structure

w - DLF x p x b

b. Using the appropriate resistance formua
from Table 3.1 and the equivalent static
load derived in Step 2a, determine the
required Mp.

c. Determine the required section properties
using Equation 3.2. Select a larger section
since the ember is subjected to unaym-
metrical bending.

Note that for a load inclination of 10°,
it is necessary to increase the required
average section modulus, (1/2)(S + Z), by
40 percent.

Step 3. Check local buckling of the member (Section

3.3.4).

Step 4. Calculate the inclination of the neutral axIs
(Equation 3.19).

Step_5. Calculate the elastic and plastic section
moduli of the section (Equation 3.20).

Stop 6. Compute the design plastic moment, Mp,
(Equation 3.2).

Stp 7. Calculate ultimate unit resistance, ru, of
the member.

Step 8. Calculate elastic deflection, 6 (Figure 3.4).

Step 9. Determine the equivalent elastic unit stiffness,
KF, of the beam section using 6 from Step 8.

Step 10. Compute the equivalent elastic deflection, XE,
of the amber as given by XE - ru/ICE.

Step 11. Determine the load-mass factor, KLM, and obtain
the effective unit mass, me, or the element.
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Step 12. Evaluate the natural period of vibration, TN,
(Equation 3.10).

Step 13. Determine the dynamic response of the beau.
Evaluate B/ru and T/TN, and use Figure 6-7 of
TM 5-1300 or Figure 3.3 to obtain Xm/XE and 0.
Compare with criteria.

Step 14. Determine the ultimate dynamic shear capacity,
V , (Equation 3.11) and maximum support shear,
W, using Table 3.3 and check adequacy.

Example 8: Design an I-shaped beam for unsymmetrical bending
due to inclined pressure-time loading.

Required: Design a reusable, simply-supported I-shaped beam
subjected to a pressure-time loading acting at an
angle of 100 with respect to the principal vertical
plane of the beam.

Step 1. Given:

a. Pressure-time loading (Figure 7.8)

b. Design criteria: maximum ductility
ratio - 1.5, maximum end rotation - 1°,
whichever governs (Section 3.5)

c. Structural configuration (Figure 7.8)

d. Steel used: A36

Yield strength, F a 36 ksi
(Section 2.2.1)

Dynamic increase factor, c = 1.1
(Table 2.1)

Dynamic yield strength, Fdy 1.1 x 36
- 39.6 ksi (Equation 2.1)

Dynamic yielding stress in shear,
Fdv = 0.55Fdy - 0.55 x 39.6 - 21.78 ksi

(Equation 2.2)

Modulus of elasticity, E - 29,000 kal
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y

19 1-O t.i TRANSVERSE
-. FlLOAD

W 4.8 pef (excluding boom LA
weight) x

Spacing b 4.5' P: 100

S4.5 psi
C,)
W
0.

TIME 20ms

Figure 7.8 Beam configuration & loading, Example 8.

Step 2. Preliminary sizing of the amber.

a. Determine equivalent static load.

DLF - 1.0 (Section 3.3.2)

w - 1 x 4.5 x 4.5 x 144/1,000

- 2.92 k/ft

b. Determine minimut required MP

- (vL2 )/8 - (2.92 x 192)/8
(Table 3.1)

- 132 k-ft

c. Selection of a amber.

For a load acting in the plane of the web,

(S + Z) - 2Mp/Pdy (2 x 132 x 12)/39.6

(Equation 3.2)
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(S + Z) - 80 in 3

(S + Z) required 1.4 x 80 - 112 in 2

Try W14 x 38, Sx - 54.7 In 3 , Z. - 61.6 in 3

(S + Z) - 116.3 in 3 , Ix - 386 in 4

Iy . 26.6 in 4

Step 3. Check against local buckling.

For W14 x 38, d a 14.12 inches,

S- 0.313 inch, bf - 6.776 inches, and

tf - 0.513 inch.

So, d/tw - 14.12/0.313

- 45.2 < 412(1 - 1.4 x P_)
/3g py

- 68.66 O.K. (Equation 3.12)

bf/ 2tf - 6.6776/(2 x 0.513)

- 6.5 < 8.5 O.K.
(Section 3.3.4)

Step 4. Inclination of elastic and plastic neutral

axes •ith respect to the x-axis.

tan m - (Ix/1t)tan * (Equation 3.19)

- (384/26.6) tan 100

- 2.545

a - 68.50

Calculate the equivalent elastic section
modulus.

S - (SxSy)/(SycOa# + Sxsins)

54.7 in3, Sy - 7.86 in 3 , * - 100
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Sin 100 - 0.174, coo 100 a 0.985

S - (54.7)(7.86)/(7.86 x 0.985 + 54.1 x 0.174)

- 24.9 in 3

St 5. Calculate the plastic section modulus, Z.

Z - Akv, + Atm2  (Equation 3.20)

Ac -At a A/2 - 11.2/2 - 5.6 in 2

Let y be the distance of the c.g. of the
area of cross-section in compression from
origin as shown in Figure 7.9.

y TRANSVERSE LOAD

$-Elostlc and Plastic

Neutral Axis
" - Through the C!ntroid

6.776" J
Figure 7.9 Loading on beam section, Example 3.

y - i_[6.776 x 0.513 x (14.12 - 0.513)
5.6 2 2

* 1(14.12 - 2 x 0.513) x 0.313
2

x 1(14.12 - 0.513)]
2 2

- 5.42 inchem
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a, mi n a - 5.42 min 68030'

- 5.05 Inches

Z - 2AmI - 11.2 x 5.05 - 56.5 in 3

step_6. Determine desiRn plastic moment, MP.

p- dy(S + Z)/2 - 39.6(24.9 + 56.5)/2
(Equation 3.2)

39.6 x 40.7 - 1.612 in-kips

Step 7. Calculate ultimate unit resistance, ru.

r - 8?p/L 2  (Table 3.1)

- (8)(1,612)(1,000)/(19 x 12)2

= 248 lbs/in

Step_8. Compute elastic deflection, 6.

6 . J( 6 2 , 52)
6 (Section 3.5)

6y - .wcos#L4

394EIX

6x a 5sin#L4

384EIy

v - equivalent statir: load + dead load

- 2.92 + (4.6 x 4.5) + 38 klps/ft
I , 000

- 2.94 kipelft

1/2

6 -I(5wain#L 4 ) 2 + (5wos$L 4 ) 2]
384EI 384E1x

1/2

a sWO [(0.652)2 + (0.256)2]

f38,400E

- 2.084 Inches



S t.p 9. Calculate the equivalent elastic umit
atfilnssa, KV-

KE - v/6 - 2.9 4 x 1.000 -__
12 x 2.085

(Get w from Step 8)

- 117.8 lb*/in 2

Step 10. Determine the equivalent elastic deflection,
XE.

XE a ru/KE (Equation 5-5z.
TN 5-1300)

- 248/117.8 - 2.11 Inches

Step_11. Calculate the effective masa of the element,

a. Load4-sa factor, KLw (Table 6-1,
TM 5-1300)

KL4 (average elastic and plastic)

(0.79 + 0.66)/2 - 0.725

b. Unit sass of elmmot, m

a v (.(4. 5 4 j_, + 1.8) + 38. 106

32.2 x 12 x 12

- 1.286 z 164 lb•-•Rn 2 hd

C. Effective unit *asa of elamWat, %'

(Sect ion 6-6,
11 S-1300)

*- * 0 .725 • 1.286 x 10'

- 0.3 104 l bam'lin'

Se.L.Z. Calculate the natural period of vlbretler.. Tj.

TNS- 29.(93.2 x l"•)/l1I.

(Equstion ".10)



• - 2v/93.2/1.178

- 2,/f.1 - 55.8 a

step 13. Determine the beam response.

Peak overpressure B - 4.5 x 4.5 x 12

- 243 lbs/in

Peak resistance ru a 248 lbs/lin

Duration T - 20 as

Natural period of vibration. TN * 55.8 as

S/ru - 243/248 - 0.98

T/TN - 20/55.8 - 0.358

Prom Fiture 6-7, TH 5-1300.

xI/xE O.K.

2ý -.. 11 Inches

Ftnd end rotarlin, 0.

t.,,o . X,1(L/2)- 2.l1I[((9 - 12)12)]

- 0.0185

- 1.060 1.&' u.k.

SL a. C(alculate the dvvunlm ultimate shear capacitv.
VP% and check for adequacyv.

Vp - ,rA - .1.78(14.12 - 2 a 0.51W)(0. 313)

5 9.2 -4, (EPaMatloa )-11)

OL- I(Staru) - 110.91%- 1.02

V - x 6 x b x.

!.Q2 •-5 4,.5 = 19 V 144/•t( x 1.00G)

26 3.2•6 Lips 6 9'? kips VV 0. K.
! (~~Table .
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APPENDIX A

MOMENT AND DEFLECTION COEFFICIENT CHARTS
FOR UNIFORMLY-LOADED, TWO-WAY PLATE ELEMENTS

Charts are presented here for use in determining the
elasto-plastic resistances, stiffnesses and deflections for
uniformly-loaded two-way elements. The charts are to be used in
conjunction with Figures 5-14 through 5-19 in Chapter 5 of

7M 5-1300, "Structures to Resist the Effects of Accidental
Explosions".

Figures A.1, A.2 and A.3 are for two-way elements with
various support conditions on two adjacent edges with the remain-
ing two edges free. Figure A.4 is for two-way elements with three
edges fixed and one edge free, and updates and replaces Figure
5-14 of TM 5-1300. Figure A.5 is for two-way elements with two
opposite edges fixed, one edge simply supported and one edge free,
and is the complement of Figure 5-15. Figure A.6 is for elements
with all edges fixed and replaces Figure 5-17 of TM 5-1300.

The use of these charts is detailed in Sections 5-13 and
5-14 of TM 5-1300. Although they were developed for particular
values of Poisson's ratio, the charts can be employed with neg-
ligible error, for either steel plates (v equal to 0.3) or con-
crete slabs (v range from 0.15 to 0.25).

The symbols used in these charts are defined below:

D - flexural rigidity per unit width (ib.in. 2 /in.)

H - height or width of plate (in.)

L - length of plate (in.)

M - moment per unit width (lb.in./in.)

r - resistance per unit area (psi)

X - transverse deflection (in.)

i - moment coefficient for negative moment at point i

Sv(max) - moment coefficient for maximum positive vertical moment

- moment coefficient for maximum positive horizontal moment

yi - deflection coefficient for point i

v - Poisson's ratio
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In the process of establishing the resistance functions
for two-way elements with Figures A.1, A.2 and A.3, it may be
found that the final resistance, as determined by using the pro-
cedures described in Chapter 5 of TH 5-1300, exceeds the total
resistance, Ru, given by Table 5-6 in Th 5-1300. In this event,
the elasto-plastic resistance diagram should be limited to reach
its maximum resistance at Ru. This correction will not intro-
duce any significant error into the bilinear resistance function
developed from the elesto-plastic diagram.

Figures A.1 through A.5 are based upon finite element
analyses and show good agreement with closed form solutions where
such comparisons are possible. It appears, however, that the
positive moment capacities as determined from Figures A.1 to A.3
are somewhat high as evidenced by the necessary slight adjustment
described in the preceding paragraph. Overall, the charts pro-
vide necessary and sufficiently accurate data and should be em-
ployed in design until more refined results are developed.
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0.6 -- 0.12

-0.11

0.5 X- ! 0.10

......... 0 .0 9

0.4 -, -, 0.0e

-0.07

0.3-00

,-0.05
6•v (MAX')

0.2 a - 40V {MX "•H(MAX.)

0.03

0. I -- 0.02

0 0.0

1.5 .O050

XD= 4

1- L.. .

Figure A.1 Moment and deflection coefficients for uniformly-
loadeditwo-way element with two adjacent edges
fixed and two edges free.

183



I"

V=0.15
0.6 --- 0.12

-0.11

0.5 -'. - .10

-0.09

0.4- 0.08

X(MAX)

4-- 0.03

1.5 1.0 0.5 0

H/L

M - 8rM

XO a yrM
4

Figure A.2 Moment and deflection coefficients for uniformly-
loaded, two-way eleknnt with one edge fixed, an
adjacent edge simply-supported and two edges free.
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AN'i-.NDIX B

UIST (4 SYKWLS

A Area of croRN-sectioi kin')

Ab Area oR bracing member (in )

•1

A Area of cross-section in compression (in)
c

At Area of cross-section in tension (in')

A Web area (in )

B Peak pressure ot equivalent triangular loading
[unction, tpsi) 'when used with r I, or peak total
blast load (Alb) [twen used with Ru

U

h Width of tributarv loaded area (it)

bf Flange width (in.)

b h Tributary width for horizontal loading (it)

b Tributary width for verttcai loading (it)

c Dynamic increase factor

Distance from neutral axis to extreme fiber of cross-
section in flexure (in.)

C.C 1  Coeticilents Indicating relative column to .irder
Mowrt capacity (Section 5.2.1)

Cb Bending crwfftcirnr defined Wn Section l,.,.&,a o(the AISC Spectitcation

C2 ý:oIUtn QlendeCN4r..-A~io tndicatinjg the tr~naitioni
c from te.itc to inelactic buckling

.C Cy Corettcnt.nL-atplied to ;1br- bending comws Wn inter-
Sactlon forUiJa (AIC SPOcifca•ton Section 1.6.1)

C2 Cocffictent tn apprtIlmAtc expreassin for itiecvav
atiffnens farter (Table 5.1,

D CeU-eficient indIcativg relative girder to column

•tgi~es• Tah|• 5,4



L.IST (4 YUhN: (t on[j

DLF Dynamic load ILdkter

d Web depth (in.)

F MaxlmuwL. henctlnp 'it jiv%*; i;N¶l

F Axnia atres,4 pi-rwi~ttr in týeAth'tt'o

moment (psi)

Hebtnd I ng s t rs 4- m i t h! e -i en. .f'cice -xxA

Sara' (pal)

F Wei, tt&n) trv, .i ý

'F .AxtmuW dvnarnc C ! '0 gj stress lot :mink'ccli Hs

F d 1)Vnamlc yield, ,v: sili-dr s~zcss (psL)

F d Dynanic v t' I'! rr (psi)

F' J Kuler buckling: %tr.'srns t2.td' v s.iS&'tv Iacto'r I(p>-',

F1  Morlreont al 4BzzIfl'fl'lt ( I~ zce in mrI u ern.'t (in)

FM lowb, t{Ci@4 I~tfl due :u.grttl for U cf.Itic/'se

Ii~o Storyý ?trtgtt kt

t V Mr V L V! it 1ctkI~ t

4 ^-A'*Vrilgr rdftLr4t M%0m-rrt of itnetA4 for shitci-6l-tLorv

I~~~~~% -i4 ~t ac un.'w r t -fiVj ar' k'I In-r ft;. E

3ffpr6t 4 xwn of?~t ý.Tnoia t fe-

3sisakt rt~t~wn~nt 4 t~ttafor cn~d-tnrwd



LIST OF SYMBOLS (Cont.)

I Moment of Inertia about the x-axis (in )
x

4I Moment of inertia about the y-axis (in4)y

K Effective length factor for a compression member

Kb Horizontal stiffness of diagonal bracing (lb/ft'

KE Equivalent elastic stiffness (lb/ft)

KL Load factor

KLM Load-mass factor

KM Mass factor

L Span length (ft)

L Frame bay width (ft)

./r Slenderness ratio

1b Actual unbraced length in the plane of bending (in.)
b
I Critical unbraced length (in.)
r

M Available moment capacity (Equation 3.18)

M Total effective mass (lb-ms 2in)

M,,X ,Mmy Moments about the x-and y-axis that can be registedby member in the absence of axial load

M Design plastic moment capacity

Mp,M 2  Design plastic moment capacities (Figure 3.2)

Mpx ,Mpy Plastic bending moment capacities about the x- and

M Ultimate dynamic moment capacity
pu

M Ultimate positive moment capacity for unit width of
up panel

M Ultimate negative moment capacity for unit width of

panel
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LIST OF' SYMBOLS (Cont.)

M Moment corresponding to first yield

Y

m Number of braced bays in multi-bay frame

m Unit mass (psi-ms 2/in)

m Effective unit mass (psi-as2 /i1.)e

MI Distance from plastic neutral axis to the centrold of
the area in compression, in a fully-plastic section

(in.)

m 2 Distance from plastic neutral axis to the centroid of
the area In tension in a fully plastic section (in.)

N Bearing length at support for cold-formed steel panel
(in.)

n Number of bays in multi-bay frame

P Applied compressive load (Ib)

Pex Pey Euler buckling loads about the x- and y-axes

Pe Ultimate capacity for dynamic axial load, AFydy(b)

P Ultimate capacity for static axial load AF (lb)

y y

P Reflected blast pressure on front wall (psi)

P Blast overpressure on roof (psi)

Q. Ultimate support capacity (Ib)

qh Peak horizontal load on frame (lb/ft)

q Peak vertical load on frame (lb/ft)

R Equivalent total horizontal static load on frame (lb)

R Ultimate total flexural resistance (lb)
u

rb Radius of gyration of bracing member (in.)

rr Radius of gyration, Equation 3.16 (in.)
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LIST OF SYMBOLS (Cont.)

r UV'lzimate flexural unit tesistance (psi)

r., r. Radii of gyration about the x- and y-axes (in)

r Required resistance for elastic behavior in rebound
(psi)

S Elastic section modulus (in 3 )

SxElatc section modulus about the x-ax.s (in 3 )

S y Elastic section modulus about the y-axis (in 3 )

S+ Effective section modulus of cold-formed section for

positive moments (in 3 )

S Effertive section modulus of cold-formed section for
negative moments (in 3 )

T Load duration (sec)

TN Natural period of vibration (sec)

t Thickness of plate element (in)

tf Flange thickness (in)

tm Time to maximum response (sec)

tw Web thickness (in)

V Support shear (lb)

Vp Ultimate shear capacity (ib)

W Total weight (ib)

Wc Total concentrated load (ib)

WE External work (lb-in)

WI Internal work (lb-in)

w Flat width of plate element (in)

w Load per unit area (psi)
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w Load per unit length (lb/ft)

X 1 Deflection at maximum resistance (Figure 3.8(c))

XE Equivalent elastic deflection (in.)

X Maximum deflection (in.)m

XU Ultimate deflection (in.)

Z Plastic section modulus (in 3)

Z x,Zy Plastic section moduli about the x-and y-axes (in )

ai Angle between the horizontal principal plane of the
cross-section and the neutral axis (deg.)

a Ratio of horizontal to vertical icading on a frame

8 Base fixity factor (Table 5.3)

8 Support condition coefficient (Section 3.7.2)

y Angle between bracing member and a horizontal plane
(deg.)

6 Teval transverse elastic deflection (in.)

6 Lateral (sioesway) deflection (in.)

C ýztraiti (in./in.)

C Strain rate (iii./in./sec)

9 Member enc -otation (Section 2.3.2)

a Plastic hirgi rotation

a Maximum permitted member end rotationmax

Ductility ratio

ýImax Maximum permitted ductility ratio

4 Angle between the plan4 of the load and the vertical
principal plane of the cross-section (de:.)



LIST OF SYMBOLS (Cont.)

0 E Beam curvature corresponding to development of design
plAstic moment capacity

*y Beam curvature corresponding to development of Hy
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APPENDIX C

TYPICAL DETAILS FOR RLAST-RESISTANT STRUCTURES

This appendix presents several examples of typical framing
connections, structural details and blast doors used in industrial
installations designed to resist accidental blast lordings.

Such buildiný.s are often rectangular in plan, two or three
bays wide and four or more bavs long. Figure C.1 shows an example
of a typical framing plan for a single-story building designed to
resist a pressure-time blast loading impinging on the structure
at an angle with respect to its main axes. The structural system
consists of an orthogonal network of rigid frames. The girders
of the frames running parallel to the building length serve also
as purlins and are placed, for ease of erection, on top of the
frames spanning across the structure's width.

Figures C.2 to C.5 present typical framing details re-
lated to the general layout of Figure C.l. As a rule, the columns
are fabricated without splices, the plate covers and connection
plates are shop welded to the columns, and all girder to column
connections are field bolted. A channel is welded on top of the
frame girders to cover the bolted connections and prevent (avoid)
interference with the roof decking. All of the framing connec-
tions are designed to minimize stress concentrations and to avoid
triaxial strains. They combine ductility with ease of fabrication.

Figure C.6 shows typical cross-sections of cold-formed,
light gage steel panels commonly used in industrial installations.
The closed sections, which are composed of a corrugated hat sec-
tion and a flat sheet, are used to resist blast pressures in the
low to intermediate pressure range, whereas the open hat section
is recommended only for very low pressure situations as sidlne or
roofing material. A typical vertical section illustrates the
attachment of the steel paneling to the supporting members. Of
particular interest is the detail at the corner between the ex-
terior wall and the roof, which is designed to prevent peeling of
the decking that may be caused by negative pressures at the roof
edge.

Figure C.7 gives some typical arrangements of welded con-
nections for attaching cold-formed steel panels to their support-
ing elements. Type A refers to an intermediate support whereas
Type B refers to an end support. It is recommended that the di-
ameter of puddle welds be 3/4 of an inch minimum and should not
exceed 1-1/2 inches because of space limitations in the panel
valleys. For deeper panels, it is often necessary to provide
two rows of puddle welds at the intermediate supports In order to
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resist the uplift forces in rebound. It should be noted that
welds close to the hooked edge of the panel are recommended to
prevent lifting of adjacent panels.

Figure C.8 shows an arrangement of bolted connections for
the attachment of cold-formed steel panels to the structural
framing. The bolted connection consists of the following: a
threaded stud resistance welded to the supporting member, a
square steel block with a concentric hold used as a spacer and
a washer and nut for fastening. Figure C.Q presents a cross-
section of that connection with all the relevant details along
with information pertaining to puddle welds.

Figures C. lOand C. I1 show details of blast doors. Figure
C.1O presents a single-leaf door installed in a steel structure.
The design is typical of doors intended to resist relatively low
pressure levels. It is interesting to note that the door is
furnished with its tubing frame to insure proper fabrication and
to provide adequate stiffness during erection. In the case of
Figure C.ll the double-leaf door with its frame is installed in
place and attached to the concrete structure. In both figures
details of hinges, latches, anchors and panic hardware are il-
lustrated. It should be noted that the pins at the panic latch
ends are made of aluminum in order to eliminate the danger of
sparking, a hazard in ammunition facilities, which might arise
from steel-on-steel striking.
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Figure L.1 lypical framringj pla, for a single-story blast-
resistant steel structure.
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STEEL PANEL C7x98 (CUT)

ROOF DECK--

T/ 4 V4
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SECTION B-B

Figure C.2 Typical framing detail at interior column(w-(Z).
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-3/s" THREADED WELDING STUOS

0..

PLAN-BOLTED CONNECTION TYPES A B
12 12"

24" PANEL WIDTH

SECTION - I•: STEEL PANEL

F 0F/e'0 THREADED WELDING STUDS,20 GA/ I"0 THREADED WELDING STUDS, I8 GA.

a.,)

PLAN - BOLTED CONNECTION TYPES A 8 B
16" " 16"
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SECTION - 3 STEEL PANEL.

Figure C.8 Typical bolted connections for attaching cold-fomed
steel panels to supporting members.
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ri(Jure C.'J Uetails of typical fasteners for cold-forrned

steel panels.

207

,C ION



T'

Pv

" "" q . .... .. ... ..... TS 5x3a. 375€,x•.__•]• '~~~~/4 "" ./_ ..

j V4 BLDG.

EXTERIOR ELEVATION SEOTIFF N _-T

LJ-I" ALUMR PIN

I" , l PANIC HARWARE

S--LATCH-1SRELEASE --IHOLE DIA
_ , PIN DIA + V/94

l0F 43x *m V~j __ih
,- - , FL V

Zx ANHO
3'-~ ~ 8" L4., • BARS AT 12"o~c.

EXTERIOR ELEVATION SECTION X-X

•TS 5 x3 1375

" I/;-- ' STIFF. I 
-,--_ 8 11' I I- /

3/i It

SECTION Y-Y SECTION Z-Z

Figure C.10 Single-leaf blast door installed in a steel
structure.
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Figure C.11 Double-leaf blast door installed in a concrete
structure.
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